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Abstract
The main objective of this research project wasléwelop a new methodology for the

assessment of wrought iron structures using a méwemed knowledge of the material.

A database of tensile test data for wrought iromss the range of all types of structural
elements was compiled and analysed to establishchiaeacteristic yield strength for
comparison with the value of 220N/rfimuoted by the UK Highway Standard BD21. It
was found that the characteristic yield strengthvaf iron is 151N/mrand that of plate

iron is 187N/mm.

Bending tests of wrought iron beams were condutdedvestigate the potential for brittle
fracture under static loads, which was observed, farther investigated by conducting
Charpy impact tests, where it was found the thatilguto brittle transition temperature of
the metal lies in the range 20 to°8) whereas that of mild steel, is typically in tla@ge -

30 to 10°C.

A new assessment method was proposed that inctepoiea 'quality factor' and a
‘component significance factor' into the definitiohdesign yield strength. Comparative
studies using the proposed method and the existieiipod were conducted on a trussed
highway bridge, a long span iron roof to a railwstgtion and the Clifton Suspension
Bridge. The newly obtained lower values of chanastie yield strength tend to dominate
the final design strength value of a componentthistmay be improved by the expansion
of the database. Furthermore, the inclusion ofghality and significance factors offset
this effect and their inclusion was validated bywing that a safe yet not overly
conservative design yield strength may be estaddishy application of the proposed

method.
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Chapter 1 Introduction

1.1  Background to project and layout of report

Wrought-iron was the dominant structural framingtenal from 1850 to 1890. With
similar properties to early mild steel, it is movariable, creating uncertainty in the
assessment of existing structures where sampliddemting opportunities are limited. The
principal aim of this project is to supplement é&rig knowledge about the mechanical
properties of wrought iron so that a better infodnassessment of wrought iron structures
may be undertaken. The objective is to establishssessment methodology that may be
employed when dealing with wrought iron structui$hough wrought iron has not been
used to build structures since before the 20th urgntknowledge of its mechanical
properties is necessary because of the many wranaghbridges and other structures still

in use today.

For most of the 19 century engineering quantities such as yield steesl modulus of
elasticity were not measurable. Furthermore, qualitmaterial varied considerably. The
need for better understanding of the propertieg@f became ever more important as
engineers and architects designed structures afegrepan and complexity. This prompted
the spread of material testing in many countriesuflicient volume of both historical and
modern test data on wrought iron has been colleategart of this research project to

furnish a clear understanding of its structuralacay and behaviour.

The introductory chapter of this report begins watldescription of the manufacture of
wrought iron, because its mechanical propertiegdeémpon how it was made. Following
this is a brief discussion of the development oficdural wrought iron, with particular

focus on its use as a material for suspension ésidgnd for long span girders. The
physical properties of wrought iron are then disedsin detail in the remainder of this

Chapter.
20



In Chapter 2 the sources of historical tensile weta are discussed and the present
knowledge of the mechanical properties of the matalsummarised. The issues with the

current method of assessing wrought iron structareslso discussed.

Chapters 3 and 4 are concerned with the methodsesnitts of material testing conducted
as part of this research project. Chapter 3 is tath@utesting of wrought iron beams under
static load, and Chapter 4 is about the testingnadll metal samples extracted from the
beams. These include tensile tests, testing otsive shear, Charpy impact tests, and

examination by microscope.

In Chapter 5 the issues involved in assessing tladitg of wrought iron using tensile test
data are examined. Also, a new method of assesgiogght iron structures is proposed
that is based on a detailed examination of a databatensile test results collected as part

of this research project.

In Chapters 6 to 8 the results of comparativeistudsing the proposed method and the
existing method when applied to three differenictires are presented. These structures
include a trussed highway bridge (Chapter 6), @tifSuspension Bridge (Chapter 7), and

a long span iron roof to a railway station (Cha@er

Chapter 9 is a discussion of the proposed assessn&thod in relation to the case studies

of Chapters 6 to 8.

Finally Chapter 10 is a presentation of the findiagd conclusions of the research project.
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1.2  Early production of wrought iron

Iron, the fourth most abundant element in the é&adtust is found in nature in oxide form,
in the ores hematite (F@3), magnetite (F#,), and siderite (FeC£ (Ebbing 1996). The
extraction of iron from its ore has been practisgite about 2000 BC and essentially
consists of heating the ore in the presence ofortarblron has a strong attraction for
oxygen, hence the existence of the oxide ores hade&se with which iron rusts, but
carbon has an even stronger attraction for oxygeha heat of a furnace. Therefore, in the
high temperature conditions of a furnace, and & phesence of carbon, iron oxides will
give up their oxygen to the carbon to form carbamoxide and leave the iron as the free
metallic element. The chemical reaction that tagkse in the furnace is as follows:

(Ebbing 1996)

Fe,O(9 + 3€C) -  269s + 3C¢

hematite carbon iron carbon monoxide
(iron ore) (charcoal)

It is possible to produce wrought iron directlyrfrdhe ore in éloomery which was a
small scale craft furnace that contained charcedha fuel. Iron ore was dropped through
the furnace chimney onto the hot charcoal. Moreradad was fed into the furnace as
required and heat was maintained by blowing ao the furnace at its base using bellows.
The heat was maintained for a few hours, after whime, a small spongy lump btoom

of iron and slag had formed at the base of theaiten (Den Ouden 1981). It was this
bloom which was usually only about the size of aiméist that gave the furnace its name.
These bloomeries did not generate sufficient hedbritm a molten iron product. That is,
the reaction was a solid state reaction, althobhghréactants were considerably softened
during the reduction process. This was the onlynsed producing wrought iron prior to
about the year 1400, when the blast furnace wasloleed. Using an air blast from water
powered bellows temperatures of about £C56ould be achieved, which was sufficient to

melt the reactants and produce a crude form of that was cast into blocks known as
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pigs. To produce wrought iron these blocks of paniwere heated with charcoal in a
hearth called &nery. (Den Ouden 1981). A blast of air was blown over heated blocks

which remained in the solid state. The oxygen andh reacted with the carbon in the pig
iron to form carbon monoxide which burned awayrebg removing most of the carbon
and leaving behind the softer and workable wrougi. The chemical reaction is as

follows (Den Ouden 1981)

2C(s) + dg = 2CO(9)
carbon monoxide

Because the objective was to produce wrought ibom,involved the production of cast
iron as a first step, this method of iron productieas known as thieadirect method(Den
Ouden 1981). The wrought iron was then taken taremacharcoal hearth callecchafery
where it was reheated, but this time without thiebkist. (Den Ouden 1981). It was heated
to a temperature sufficient to allow it to be watkar wrought into whatever shape was
desired. The finery and chafery workshop where ghburon was produced were known
asthe forge.(Den Ouden 1981). Figure 1.1 shows a 1772 pairtiingoseph Wright of
Derby (1734-97) that depicts a typical scene frobtagksmiths forge where wrought iron

is being worked by a tilt hammer.

Figure 1.1 An Iron Forge
1772by Joseph Wright of
Derby (www.tate.org.uk
accessed 2012)




1.3  Industrial production of wrought iron

The production of wrought iron prior to the 19tmttey depended upon the supply of
charcoal for both the blast furnace and the fin&though it is a rich source of carbon,
coal could not be used in it's natural state inllest furnace, as it contains impurities,
principally, phosphorus and sulphur, which haveeketgrious effect on the wrought iron
produced. In 1709 Abraham Darby used coke, whicla ipurified form of coal, to
successfully smelt iron in his blast furnace at IBwskdale, Shropshire, and produce a
reasonably good quality cast iron. However, tha in@s still unsuitable for the production
of wrought iron, probably because of a high phosphicontent. (Trinder 1974). High
phosphorus content results in wrought iron beindtlédrat normal temperatures. This
condition is known asoldshortor bloodshotwrought iron. It is most likely that this is the
reason why iron smelting using coke did not becpmaular immediately. In fact in many
of the places where it was attempted it was foladl they had to revert back to charcoal in
order to make iron of suitable quality. (Gale 1977)

It was not until Abraham Darby’s son, also calldar#am, that the production of wrought
iron using coke was finally achieved. Abraham Daildlyecame involved in the running of
the ironworks in 1728 at the age of 17. (Trinder4)9 During the late 1740's and early
1750’s he experimented with the process of smeltimg until he achieved a pig iron that
was suitable for making into wrought iron (Trindé&74). It was from this time on that the
use of coke for iron smelting spread rapidly.

The problem of the dependence on charcoal for smgditad been solved but charcoal was
still needed to convert pig iron into wrought irofhe next major development in iron
making was the invention of theuddling procesdy Henry Cort in 1784. (Gale 1977).
This process effectively ended the dependenceeahnttustry on charcoal. (Gale 1977).

In Henry Cort’'s puddling process coal, in its minfam, was used as the fuel in a
reverberatory furnace to convert pig iron into wgbtiron. The reverberatory furnace had

already been in use for other purposes, but Costtha first to successfully use it to make
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wrought iron (Gale 1966). An early reverberatorynice is shown in Figure 1.2. It

consists of two regions separated by a firebrigddech is a wall that rises part way up the

interior of the furnace, creating two chambers.caldire burns on a grate in the right hand

chamber, labelled (b) in Figure 1.2. The hot gassisg from the fire are carried by

chimney draught over the top of the firebridge amd deflected by the shape of the

furnace roof onto the iron in the left hand chamlbeis this action of reflecting the heat

and hot air that gave the furnace its name.
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Figure1l.2 Reverberatory furnace circa 1800 (Engraving bisdd Lowry from Longman & Rees

Encyclopaedia 1811)

The heat from the hot gases and adjacent coalnifieé the pig iron. The chamber

containing the iron has a concave or dished basestrves to contain the molten iron. As

the hot gases, which contain oxygen, pass ovemtbien iron, the carbon in the iron

combines with the oxygen to form carbon monoxideictvhburns away, and thus

decarburises the iron. During this time the puduflenolten iron is stirred to expose as
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much of the iron to the hot air as possible. It was pool of molten iron which gave the
process its name. The firebridge served to pretrentoal from contaminating the molten
iron. As the carbon content of the molten iron @l the melting point of the iron
increased, so that the metal gradually solidifrgd a spongy lump that was taken from the
furnace and hammered to expel much of the slagwiaat still present. The slag was
essentially molten iron silicate. The iron itselasvnow almost pure ferrite. and so was

quite malleable, and could be worked into whatehape was required.

Although Cort's process was a major breakthroughhat it dispensed with the need for
charcoal, the process had one major limitation. Binéy source of oxygen for the
decarburisation of the iron was the hot air passgr it. This was found to be
unsatisfactory for ordinary grey iron. The procesdy worked for cast iron that was
already low in carbon and silicon, namelite iron (Turner 1908). Thus, grey cast iron
had to be refined prior to use in the puddling pesc This was carried out in a furnace
called arefinery or running-out fire,where the iron was melted and subjected to an air
blast (Turner 1908). This oxidised some of the carand much of the silicon migrated
into the slag, which formed in the process. (Tulk®08). The iron and slag were then run
out of the fire in a molten state where the slagtid on top of the iron and was easily
separated. (Gale 1969) The white cast iron thatlifiedl was brittle and was known as
refined iron, plate metal, fine metat finer's metaland it was then ready for the puddling

process. (Gale 1969)

Thus in practice, Cort's method was a two step ggscThe first step was the refining of
grey cast iron to make white iron and the second ta puddling process itself. At any
step in a refining process some portion of therddsinetal is inevitably lost in the slag
removed. In the refining of grey cast iron to makete iron the loss of iron was estimated

to be about 10% (Turner 1908). Not only was the ingakf white iron wasteful of iron it
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consumed fuel in the form of coke and was labotensive. Another problem with the
method was that iron oxide in the molten metal itgddrmed a slag with silica from the
sand lining the bottom of the puddling furnace @#&963). Thus the sand added to the
volume of slag with a consequent loss in iron ie tbrm of iron oxide dissolved in the

slag. The loss in iron during puddling was estirddtebe about 20%. (Hall 1927)

The puddling process was greatly improved whenstmed lining of the bottom of the
furnace was replaced with iron oxide in the formnafl scale or furnace cinder (Gale
1963). Experimentation by Joseph Hall of Tiptonthe period 1811 to 1830, led to the
understanding that by the addition of substanadsin iron oxides, grey pig iron could be
decarburised in the puddling furnace to produce@ught iron of good quality and with a
much higher yield of iron than with Cort’'s meth@@ale 1969) “Halls process used about
21 cwt. (1067 kg) of pig iron to make a ton of wghtiiron, against 40 cwt. (2032 kg) with
the older method” (Gale 1969). Furthermore, "wltllert's process removed mainly the
silicon and carbon, Hall's method also reducedpti@sphorus and sulphur content, giving

a much superior material" (Hall 1927).

Because Hall's method used ordinary grey cast mmre molten slag was present than in
Cort’s method.. The presence of slag imparts tbpeaty of fluidity to the molten mixture.
Because of this and because of the appearancéailiag effect during decarburisation
due to a more rapid and vigorous reaction, Hallshot was known avet puddlingto
distinguish it from Cort’s slower more viscous nmwthwhich took the namdry puddling
(Gale 1966). Hall's method which was also knowpigsboiling was quickly adopted and
remained in use right up until wrought iron waslaepd by mild steel in the latter half of

the 19" century (Gale 1966).
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James Whitham's patented puddling furnace is shiowhigure 1.3, and is a typical
example of a furnace from the Victorian periodslof cast iron construction with interior
fire brick, and consists of two chambers, just msthe earlier form of reverberatory
furnace. A coal fire burns in the chamber on the lghich is most clearly shown in the
plan view of the interior of the furnace, labelledy 3 of Figure 1.3. In this particular
furnace the iron can be worked from opposite siesieans of the suspended hook-ended

bars known asabbles that penetrate a hole known as shepper holeat the bottom of

the furnace doors. (Gale 1963)

Figure 1.3 James Whitham's patented puddling furnace (Kotua di868)

A cross section through the working part or bowthaf furnace is shown irig 4 of Figure
1.3. When the cast iron pigs were added to the Imglélurnace they melted down, which
took about 30 minutes. (Gale 1963). Then the matamwas stirred to exposed as much
of it to the oxide lining as possible. (Gale 19@38) carbon monoxide produced, burned
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with a blue flame, known agpuddlers’ candles’ (Gale 1963). As the process continued
the carbon content reduced and the mix became misteus. Eventually the puddlers’
candles went out, indicating that all the carbois wat of the iron, and the iron was said to
have tome to nature’(Gale 1963) The puddler then gathered togethis bawhat was
now a spongy mass of iron and slag. Four of fidislgach weighing about 50 kg could be
obtained from one puddling charge. (Gale 1963). iWthe ball of iron was removed from
the furnace it was necessary to hammer it quickiylent was still at welding temperature.
in order to consolidate the metal and expel exoed#en slag. This hammering action was

known asshinglingand was done by trghingling hammer(Gale 1963).

James Nasmyth's invention of the steam hammer 43 t8placed the helve hammer for
shingling iron and greatly improved the control arapacity of the shingling hammer. It
was the necessity of forging the 30in diameter fmddaft of the SS-Great Britain that led
Nasmyth, of the Bridgewater foundry in Manchester,develop a large capacity and
powerful steam hammer. As Nasmyth put it, existidgnmers were unsuitablsifhply
because of their want of compass, of range and &asllwell as their want of power of
blow”, (Nasmyth 1883). Nasmyth'’s first hammer was @& $ingle-acting type and was
built in the early part of 1843 (Cantrell 1985)wias a manually controlled machine, where
each blow was controlled by the operator. Howewen forgers at that time were used to
helve hammers that would stroke continuously, ihabperate on a self acting basis. The
first potential customers of the steam hammer whrdehammer with a self-acting
mechanism. (Cantrell 1985). Although Nasmyth’spatncluded a self acting mechanism
it was not a workable design and was not includethe first Nasmyth hammer (Cantrell
1985). It was Robert Wilson, then general works agen at the Bridgewater foundry and
later to become managing partner, who in April 1848 pendently designed a self-acting
apparatus for the steam hammer (Cantrell 1985hdrsame year the steam hammer was

also made double acting. The new machine couldetcontinuously using its self-acting
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apparatus or it could be operated on entirely maooatrol (Gale 1969). These features
created a machine of immense usefulness, beingleaphadelivering blows as light or as
heavy as required with exceptional control over th@vement of the hammer head. In
particular, the double acting mechanism meant that operator had control over the
balance of pressure on either side of the pisttis Tontrol was often demonstrated by
cracking an egg using a hammer of several tonstggping it short of crushing the egg.
(Gale 1969). According to Nasmyth “there was no wahorders when the valuable
qualities of the steam hammer came to be seen getienced”, (Nasmyth 1883). The
first hammer that the Bridgewater foundry supph@dsale had “a hammer block of 5 tons

weight and a clear fall of 5 feet”, (Nasmyth 1883).

Figure 1.4 James Nasmyth with his steam hammer in 1855.t@greph by J.B. Dancer, obtained from
Manchester Central Library 2007).
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1.4  Therolling of wrought iron

The shingling hammer consolidated the iron int@@angular block. The iron block was
then taken to the first rolling mill known as tfegge train (Gale 1963). In the ironworks
of the 19" century, the part of the works containing the pimdgfurnaces and hammers
was known as thérge (Gale 1963) The part of the works where iron waked was
known as thamill. (Gale 1963) The forge and mill were generallated as separated
areas and often had different managers (Gale 1%6@\ever, because of the need to
consolidate the iron quickly the forge had oneimglimill. This first rolling mill was the
forge train and consisted of a pair of cast irdifsyamne above the other, which rotated in
opposite directions so that the iron block couldfidat between them and deformed into a
thinner and longer piece of iron. When only twdg@alre present the arrangement is known
as atwo-high mill (Gale 1977) In foundry terminology, a pair oflsohnd the supporting

frame and mechanism was referred to aigia (Scoffern 1866).
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Four_basic types of rolling mill are shown here diagrammatically. The earliest (two-high) dates from
!l_ze sixteenth century, the two-high reversing from 1866, the three-high from about 1815 and the con-
tinuous from 1862. All four types — and modifications of them — are still in use.

Figure1l.5 Various types of rolling arrangements. (Gale2bQt originally 1981)
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15() Operationsintheforge.

The forge train was a two-high, non reversing raild when the iron emerged from the
rolls it was lifted and passed back into anothér @irolls of closer spacing. (Gale 1963).
Thus the iron was reduced in thickness until it Wesrequired size. At this stage the iron
had been reduced to a flat rectangular cross secfiap to about 1in x 6in and about 15ft
long, and was referred to peddled bar, rough flatsor muck bar(Gale 1963). Muck bar
was an intermediate product in the making of wraugbn and was never sold as a
finished product because it contained coarse shajusions and was generally of
unreliable strength and quality. The muck bar wiasvad to cool before being passed to
the mill part of the ironworks for further workinfGale 1963). The sequence of operations
in rolling a length of wrought-iron in the forgeeashown in Figures 1.6 to 1.9. The

pictures were taken at the iron works at Blist'dl Mictorian Town, which is part of the

Ironbridge Gorge World Heritage Site in Shropshire.

Figure1.6 Shingling the iron billet before rolling. Figure 1.7 Inserting the billet for the first rolling
(Photos by M.O'Sullivan at iron works of Blists Hilictorian Town, Ironbridge Gorge, Shropshire 2p08
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Figure 1.8 Passing the bar back (a dead pass) Figure1.9 The bar lengthens as it is repeatedly rolled.
(Photos by M.O'Sullivan at iron works of Blists Hilictorian Town, Ironbridge Gorge, Shropshire 2p08

15(b) Operationsin the mill.

The muck bar was first cut up into equal lengthsabpyower driven shears and was then

piled as shown in Figure 1.10.

il

|

Figure1.10 Bars being piled or stacked (The Engineer 1890)
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The piled bars were then taken to the heating tier@s shown in Figure 1.11 where they
were reheated to welding temperature. They wene taeolled to form what was called

“commor, “merchant or “crown’ iron (Gale 1964).

HOT CHARGING TROLLEY FOR ROLLING MILLS.

MR. R. . GUBBINS, ENGINEER, NORTH KENT ROLLING MILLS, ERITH.

Figure1.11 Placing piled iron into the heating furnace. Mettof work practiced at the North Kent Rolling
Mill, Erith (The Engineer 1890).

Merchant iron was so called because it was theegthdt was mostly stocked by iron
merchants (Gale 1964). Repeating the process iofgpand rolling produced “Best” iron
and repeating the process a further time produdgesst, Best” iron or “BB” iron.
Repeating the process one more time produced “Bestt, Best” iron or “BBB” iron
which was the highest grade of iron available. €38164). Subjecting the iron to repeated
workings caused the slag inclusions to be refiféd slag inclusions were made smaller,
shorter and more evenly dispersed with a consequemtovement in the mechanical
properties of the iron. It was shown by experimiiat the benefits of repeated workings
reached a peak at about tH&wBorking (Turner 1908). However it was not econaahio
repeat the process beyond “BBB” grade. (Gale 19%6dme firms produced a special grade
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of iron known as 'Best Yorkshire' notably the firrh®wmoor, Farnley, Monkbridge and
Taylors. Best Yorkshire iron was prized for its gbness. Its high quality was not derived
from further reworking but was due to the use dinesl iron (i.e. white iron) in the

puddling furnace. (Gale 1964).

The rolling of wrought-iron caused elongation o #lag inclusions and resulted in greater
strength in a direction parallel to the directidnralling than perpendicular to the rolling

direction. An effective means of equalising thesgth in both directions was cross-piling
in which the bars were piled in alternating diren as shown in Figures 1.12 and 1.13.
Plate iron was made in this way, as it was impartanthe plate iron used in steam boilers

to have equal strength in all directions.

Figure 1.12 Cross-piling to form plate-iron. Figure 1.13 Cross-piling of wrought iron bars.
(Hutchinson 1879) (M.QO'Sullivan 2008)

Although wrought-iron is no longer manufacturedmgsocompanies rework old iron to
make new products such

railings and gates. AT

example is the iron works o
Chris  Topp in  North|
Yorkshire whose workshop is

shown in Figures 1.14 an( A

1.15.

Figure 1.14 Modern forge hammer Figure 1.15 Modern two-high rolling mill
(photo by T. Swailes 2006) (photo by T. Swailes@)
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Having processed the iron to satisfactory quahiy mext step was to roll it to the desired
finished shape. In the early part of the™1@ntury only relatively simple and small
sectional forms could be rolled. The first rollddustural sections were angles and Tees.

The shape of rolls needed to form a tee sectishasvn in Figure 1.16.

Figure 1.16 Two-high mill for rolling T-sections and roundrsa(Goodwyn 1844)

Rolling of a structural section began by passirgitbn through the larger aperture first,
and as the shape became more accurately formetharr elongated, rolling progressed
to the smallest aperture of final dimensions. fer olling of large structural sections the

bars had to be stacked in the

e

e
(o

; | 7 . >
form roughly resembling the l\\""“_ o 7“/
desired section as shown i \

Figures 1.17

Figure1.17 Cross sectional
change occurring in hot-rolled 9
inch high wrought-iron I-beam
(Elban 1998, originally
Weissenborn 1861)

Pile and Grooves for 9-in. Beam
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The cast iron I-beam was developed in the early parthe 19" century and used
extensively in fireproof mill buildings. The wrougiion I-beam however did not emerge
until the 1840’s. The reason for this later arrisgafirstly due to the dominance of cast iron
as a framing material in the early part of the teéeath century but also due to the lack of
powerful rolling mills strong enough to handle thificult form. The first cases where
wrought iron was rolled into an | shaped form wieré¢he 1820’s and 30’s for use as rail

track.

Then in 1844 James Kennedy and Thomas Vernon arphool, patented a structural |
form for use as deck beams in ships (Diestelkan§2)19t was in 1844 that the earliest
significant structural use of Kennedy and Vernonrt®ught iron | form took place. This
was for the construction of the Palm House in tlogdR Botanic Gardens at Kew, built

1844-49 by Architect Decimus Burton and ironworknuacturer Richard Turner. (see

Figure 1.18).

Figure1.18 g ;
Palm House at Kewfio o |
Gardens (Photo by
M.O'Sullivan 2006)

The 9 inch deep cross section of one of the mamaf the Palm House at Kew Gardens is

shown in Figure 1.19. Despite the success of thection form in the
Palm House at Kew Gardens it was several yearsréefolled
wrought-iron I-beams were produced commerciallyvédepments in %—;5
I-beam manufacture also took place in France anérfia around this
time. In France the first I-beams were made in 1848 used in the

floors of a house in Paris (No. 18 Boulevard ddie$-du-Calvaire)

and by the early 1850’s I-beams were being made tymber of mills

in various sizes (Peterson 1980).

Figure 1.19 Cross section of main rib of Palm House, at Kewd8as (Diestelkamp 1982).
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A number of ways of piling wrought iron bars to este a rolled | section, are shown in

Figure 1.20 Modes
of piling to achieve
(Twelvetrees 1900)

Figure 1.20.
an I-beam.
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1.6  Development of the plate and angle girder

For the first half of the 19th century the only meaf spanning significant distances was
through the use of a suspension bridge. Cast ieamB were limited by casting and
handling technigues to spans of 60ft (Sutherlan@4L9During the 1830's iron trusses
were constructed with cast iron acting as compoessnembers and wrought iron as
tension members, but by the end of the 1840'sdsua®re built entirely of wrought iron.
There was a period in the 1830's and 40's whegeagrdistances were spanned using cast
iron beams with straps of wrought iron fixed torthego form what was called taussed
girder. This was an unsafe form of construction whichugldy ended with the collapse of
the Dee Bridge in 1847 and the subsequent Royal ndssion to Inquire into the
Application of Iron to Railway Structures. It wats@ around this time that the great
spanning capabilities of wrought iron in the forihriveted plate and angle tubes were
demonstrated by the construction of the Britanmd €onway Bridges over the Menai
Straits. The clear span of both of these bridgesves 400ft and both were designed by
Robert Stevenson with preliminary consultation worklertaken by William Fairbairn and
Eaton Hodgkinson.

Small tubular beams built up from wrought-iron pand angles as in Figure 1.21 were in
use since the early 1830’s. According to Rankireefifst time this form of beam was used
in a railway bridge was around 1832 for a bridgetbea Pollok and Govan Railway

(Rankine 1895). Smith put the date of this bridgel840, but said

that similar beams had been in use for severalsyedrthe F—— ]

ironworks of William Dixon, fabricator of the briggin question.

(Smith 1992). j' !’ |

Figure 1.21 Plate iron tubular beam (Rankine 186« ==

William Fairbairn, an ironwork manufacturer in Mdmaster was also known to have made
this form of beam for use in ships in the early@84Smith 1992). In 1847 he completed

two wrought iron hollow girder bridges for the Bkétirn & Bolton Railway. (Sutherland
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1964). His involvement in the proposed bridge prbjr crossing the Menai Straits
consisted of preliminary testing of tubular beamd ¢&he construction of one-sixth scale
test models. (Smith 1992).

The Britannia Bridge was completed in 1850, anticalgh it succeeded as a working
railway bridge this type of giant tubular bridgdl faut of favour within a few years due to
factors such as the build-up of smoke from therst&ains that passed through the tube,
corrosion from condensation, and the uneconomsalafi material. (Smith 1992). The last
bridge of this type was the Great Victoria BridgeGanada completed in 1859. (Smith
1992). William Fairbairn went on to promote the v$¢éubular beams such as those shown
in Figure 1.22. However, eventually even small tablbbeams also fell out of favour
because of inaccessibility for painting of the ride of the tube and because of the
generally perceived excessive use of material. t5&892). Tubular beams were largely a
British and European style of bridge form and weexer really a popular method of
bridge construction in America. Pin connected triosdges were much more popular in
America. This was largely due to the competitivetegn of bridge construction there, and

due to the established use of timber trusses whetged into iron trusses with time.
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Figure1.22 Examples of various types of plate girder (Humb#rQ)
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1.7  Development of suspension bridgesin Britain

As it is a structural form which relies on tensdgength and ductility early suspension
bridges could be possible only with wrought ironh&/ may be regarded as the first
modern suspension bridge was built by James Fime$801 over Jacob’s Creek in
Pennsylvania. It had a span of 70 ft and width 261ft. and is shown in Figure 1.23.

(Kemp 1979).

Figure1.23 Jacobs Creek Bridge, Pennsylvania, 1801, framek Finley’s paper of 1810. (Kemp 1979)

In Britain two of the main engineers involved inrlgal9" century suspension bridge
development were Captain Samuel Brown and Thomd®rde Their work led to a

number of British suspension bridges including Wnlridge (1820) and Menai Bridge
(1826). Union bridge was the first of Samuel Brosvahd was built in 1820 over the river
Tweed near Berwick-upon-Tweed. It is the worldsesldsuspension bridge that still
carries public road traffic, although now only aree at a time. (Miller 2006). At the time
of its construction it was the first suspensiondge in Britain built to carry loaded

carriages and with a deck length of 367 ft. it vedso the world’s longest suspension

bridge (Miller 2006).

Figure1.24
Union Bridge (Photo from bbc.co.uk accessed [
July 2012)




During his time in the navy, Samuel Brown had sasfidly demonstrated the use of iron
chains as a replacement for the hemp ropes usdtdanchor cables of ships. From the
very beginning of his iron chain developments Brdvaad engaged in experiments on the
strength of wrought-iron. As early as 1808 Browr ltarried out strength tests on iron
bolts, bars and chains and in 1816 he installes@ng machine of his own design at his
Millwall works (Jones 1981). The significance ofoBms influence on suspension bridge
development is his use of linked straight barseagtof looped chain links for the main
chains of a suspension bridge. Brown's bar-chaitts aupling links are shown in Figure

1.25, with a close up of the coupling link of Unibridge in Figure 1.26. "Although not

unique, Brown's preference for straight eye-bakdirdid not follow the generally

established practice of using ordinary chains amespecially long-linked chains as the

main suspension cables" (Day 1983)

3

Figure 1.25 Samuel Brown's bar-chains and coupling links (D8§3)

Figure 1.26
Coupling link in suspension chain of Union Bridg
(Photo from bbc.co.uk accessed July 2012)
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In 1814 it was proposed that a bridge be constduateoss the Mersey at Runcorn Gap, as
part of a road scheme linking Liverpool and Lond@axton 1978). This bridge was never
built, due to lack of funds, but the scheme is ingot in the development of suspension
bridges in Britain, as it led Thomas Telford to sutba suspension bridge design based on
investigations on the strength of wrought iron amdthe means of constructing such a
bridge. In 1814 Telford conducted over 200 testsmoought iron bars which led to his
adoption, at that time, of a design strength oftdfs/irf (232 N/mnf) for "stretching
limit* and 27 tons/iA (417 N/mnf) for "breaking limit". (Paxton 1978). "Telford's
investigations into chain strength confirmed tha small link chain was not the most
appropriate for application to the suspension piec For this purpose he required that the
metal should be kept as far as practicable ingitdines and also have few joinings".
(Paxton 1978).

In 1817 Telford was asked to report on the pralitycaf constructing a suspension bridge
across the Menai Strait. "The suggestion of a suspe bridge probably resulted from the
publication of Telford's Runcorn Bridge reportsli@l7." (Paxton 1978) Telford's Menai
Suspension Bridge was built in the period 1818261&8nd spanned 570ft. Its construction
was considerably more substantial than Brown's trBsidge, with the main chains
consisting of rectangular cross section eyebaeyledgved with each other. The original
iron chains of Menai Bridge were replaced with kig®ins in 1938-41. As engineers
developed greater confidence in using wrought iemadl in the suspension bridge principle,
greater spans were attempted. Only a few years tattecompletion of the Menai bridge,
the construction of Clifton Suspension Bridge wasmmmenced, the details of which are

described in Chapter 7.

1.8  19th Century engineers understanding of the strength of wrought iron
The 19" century was a very experimental time for the iaml steel making industry, and

in the latter half of the 19 century particularly, metallurgy became more sifien
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However, for wrought iron, which was used on adasgale as a structural material only
since the 1840’s, there was a high degree of \itiaim quality between the various iron
manufacturers. Iron makers did not work to a ursgkenational standard of quality such as
the modern day British Standard or Eurocode. Ihtfae first attempt at a national standard
on the subject was in 1906 and referred to theityuafl structural steel (Bussell 1997). By
this time iron had been replaced by mild steelstouctural purposes and so it was never

subjected to a national quality standard.

Yet the absence of a national standard of quaditymrought iron did not mean that there
was no system of quality control. As discussedeatisn 2.1 of this report there was a
system in use in the f9century which graded iron on its quality and wasdd on a

number of qualitative foundry tests and on the neindb times the iron was processed. But
in general quality of iron was dependent on theviddal manufacturing firm and on this

basis a firm’s reputation could be made or lostadidition, many engineers required that
the iron and sometimes the finished structural camept, such as an eye-bar, was

subjected to tensile tests prior to use.

For the proposed suspension bridge across the Matgeuncorn in 1814 Thomas Telford
specified a maximum working stress of 4 toh(®2 N/mnf) and for his Menai Suspension
Bridge of 1826 he specified a value of 5.25 ton(®Bl N/mnf), (Day 1983). However,
Samuel Brown adopted the less conservative vald® edn/irf (155 N/mnf) as a standard
value for the bar chains of his suspension bridBey 1983)

By the 1860’s the Board of Trade in Britain imposedalue of 5 ton/in(77 N/mnf) as the
maximum design stress for members in railway bsdgehis value applied equally to
situations of tensile and compressive stressaastused for the designing of both the top

and bottom chords of wrought-iron girders (Colb@B863). French engineers worked to a
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value of 3.8 ton/if (59N/mnf) as the maximum design stress for members in agilw

bridges, (The Engineer 1863).

For many years prior to the 1860’s the yieldingaosample of iron under a sufficiently
large stress was observed, but it was in assigniwvegjue for the working stress sufficiently
low to avoid a permanent set of the metal that thasgreatest problem. Regarding the
“question of safe working strength much differerfogpmion exists among engineers, the
permanent supporting power of iron being variowessyimated at from four-tenths down to
one -tenth of its breaking strengiColburn 1863)

In 1862 David Kirkaldy presented the results of éxs$ensive series of tests which he had
conducted at the Napier Works 1858-61 on iron &edlsKirkaldy had only measured
ultimate strength and ductility. In a discussiortla# results W.J.M. Rankine proposed that
the best measure of strength was the stress ahvefimgation of the specimen was no
longer proportional to the applied load as seea graph of load versus elongation.

“He thought that the point where the change in thee of elongation occurred was that
at which the strength of the material had been cwere”, (Rankine 1863). And further
stated that: If they could only make experiments so precisely aseasure the area of the
bar at the instant of that change, and compareitih whe load, and take the corresponding
load per square inch, they would get at the truersith of the materidl (Rankine 1863)
This appears to be one of the first instances ohange in opinion in the established
method of using ultimate strength as the desigareetce quantity. Within a few years
sufficiently accurate strain measuring devices wevented that made measurements of
elastic limit possible. During the 1860’s and 7@iaterials testing became more routine as
various laboratories were set up throughout Euerme America. David Kirkaldy set up

the first independent testing laboratory in Britairl865.
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1.9 Composition and texture of wrought iron

The classification of ferrous metals is principaigsed on their carbon content and in this
respect wrought iron can be considered as almost wan, as its carbon content is
generally less than 0.2%. An examination of the-carbon phase diagram (Figure 1.27)
will show that iron exists as ferrite (ariron) with a BCC crystal structure and is placed o
the left-hand side of the diagram. The low carbontent means that wrought iron is
ductile, and malleable when red hot, in fact, imef the older literature wrought iron is
sometimes referred to asalleable iron Cast iron which is hard and relatively brittleedu
to its higher carbon content of about 5%, wouldlaeed toward the right-hand side of the
iron-carbon phase diagram. Steel has carbon comethie range 0.2-1.0% which is not
very different from wrought iron, yet the microstture and texture of wrought iron and
steel are quite different, and this results inidgdly different material properties.
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Figure 1.27 Iron-carbon phase diagram (Callister 2000)
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In addition to carbon, some of the other elememesgnt in wrought iron are silicon,

phosphorus, copper, sulphur and manganese. An sxeesulphur content renders the
wrought ironred short a condition in which there is a lack of cohesrdmen the metal is

red-hot. The metal cracks or crumbles when beingvooked and results from the iron not
being sufficiently purified in the puddling furnacgkelton 1924). Sulphur is present in
wrought-iron as iron sulphide (FeS) but it tendségregate from the ferrite at the grain
boundaries. (Johnson 1939). Because iron sulgtade low melting point it causes a lack

of cohesion between the grains when t~~

120 -
iron is heated to red-hot (Johnson 193 |
Sections rolled from red-short iron ar| 1g0 :
| :
likely to have rough edges (Johnsc}
\
80 |- 2

1939). Cold shortiron is the condition
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Figure 1.28 Effect of phosphorus on Izod 0 ‘ w ‘ N

impact energy of wrought iron. (Jeffrey 1959) 0 0.1 0.2 0.3 0.4|

Phosphorus content (%)

“A good wrought-iron would have a maximum sulphontent of 0.05% and a maximum
phosphorus content of 0.16%. The manganese cattentd be less than 0.1% and silicon
content less than 0.2%. The puddling process hrgdminates manganese so that
amounts greater than 0.1% suggest adulteratioheoptoduct with steel scrap” (Jeffrey
1959). Of all the impurity elements phosphorus hias most significant effect on

mechanical properties. Elevated phosphorus contanses higher yield strength and
ultimate strength but causes a sharp fall in doctdnd impact resistance, as shown in

Figure 1.28
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Wrought iron may be regarded as a composite matsié is composed of two phases,
one being ferrite-iron and the other slag. The dglags not enhance the strength of the iron
and is not well bonded to it, and therefore it @ @& structural composite. The slag
inclusions appear as narrow elongated strandseakst and are given this shape by rolling
the iron in a particular direction while the irondaslag are still hot and soft enough to be
deformed. Thus wrought iron can be described asnhaa macroscopic grain. “The
amount of slag in wrought iron can be up to 3 wttdhe total. (Walker 2002). 1t is
relatively inert, glass like and consists of iralicate and iron oxide” (Walker 2002). The
thickness of the slag inclusions can range fromr@smopic size to 3mm. The composite

nature of wrought iron is shown in Figure 1.29.

Figure1.29 Composite texture and ‘grain’ of wrought ironFigure 1.30 Fibrous texture of wrought-iron
(Morgan 1999) revealed by tearing open a ba hick-bend
test. (Thorneycroft 1850)

The elongated slag inclusions divide the metal gttands or columns of ferrite and give it
a fibrous appearance like wood. This fibrous textisr more clearly seen when a nicked
bar is bent backwards tearing open the metal, asrsim the drawing of Figure 1.30. This
was the most popular way of testing the qualitywobught iron in the foundry. Good

quality iron exhibited significant fibrous textuvehile poor quality, harder iron showed a

greater degree of granular texture.
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1.10 Effect of daginclusonson ductility and strength

Wrought iron has both greater tensile strength dunctility in a direction parallel to the
direction of rolling than perpendicular to the diien of rolling. This is due to the
directionality of the slag inclusions. Tensile siyth is greater along the grain because,
when loaded in this direction, there is a greatess sectional area of more continuous
ferrite which can carry the tensile load. When kxdhgerpendicular to the grain, the strand-
like inclusions of slag disrupt the continuity diet ferrite across the load path and hence
inhibit the ability of the ferrite to carry the tle load. In test samples loaded
perpendicular to the grain direction failure occhysmeans of an internal rupture surface
which passed preferentially through the slag (Goril688). Tests conducted by Gordon
showed that “if the ferrite has not been embrittbgdphosphorus the ductility of wrought
iron is mainly controlled by the distribution ofagl in it” (Gordon 1988). This can be
explained in terms of the microstructure of the posite. The size, shape and distribution
of the slag inclusions in wrought iron vary greatly general, the slag inclusions are
elongated because of rolling. In cases where tisaaénigh degree of elongation of the slag
inclusions the ferrite matrix is divided into colam (Gordon 1988). When a tensile load
is applied to a wrought iron sample in this comulitthe ferrite columns elongate, but the
brittle slag inclusions cannot (because they amsgylike) and undergo transverse cracking.
(Gordon 1988). Internally, various ferrite columnsdergo plastic deformation and begin
to neck and fail forming a localised internal ruptwsurface which spreads across the
specimen (Gordon 1988). This quickly leads to failaf the specimen with little reduction
in cross sectional area at failure. In other wotdg; ductility is measured in the tensile
test. This is why an over abundance of long slatysions reduces the ductility of wrought
iron even though the ferrite is ductile (Gordon 898

Equally bad, are tiny, globular slag inclusions ethresult from excessive working of
wrought-iron. An iron with such a microstructureacks the fibrous texture, typical of

good wrought-iron, and behaves like a dirty lowbcar steel; it tends to be brittle and has
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poor fatigue properties.” (Jeffrey 1959). That isywwrought-iron exhibits improved
mechanical properties up to about tffevéorking and thereafter the mechanical properties
deteriorate with further working. (Turner 1908).

The effect of grain direction on tensile strengtHurther discussed in Chapter 2 with the
conclusion that plate iron is on average about 1&f6nger in the direction of the

dominant grain.

111 Theeffectsof cold work

It is important that the metal is kept hot duringrigng, particularly during the final stages
of working into a finished shape, so as to avordisthardening the metal by cold rolling.
This can sometimes be difficult, particularly withe rolling of long bars of small
diameter, because the smaller or thinner the sedhe faster it loses heat. Annealing
removes the effects of cold work. In a number & Historical testing programs which
provided data for this report the samples were aledebefore tensile testing. This was
done because the mechanical history of some ofpleeimens was unknown. By first
annealing the metal the ‘natural’ strength and itityctould be determined as opposed to
measuring the strength of a strain hardened sar@blearing and punching iron strain
hardens the area around the cut or hole. “M. Bahmaved that drilling out a ring 1/8 inch
wide round a punched hole, or annealing the ptatgrely removed the prejudicial effect
of punching” (Unwin 1910). Drilling holes for rivetdid not strain harden the metal but
was slower and more expensive than punching. Kiskdbund that punched plates
experienced a 50% loss in ductility compared withtgs that were drilled. (Kirkaldy

1876).

1.12 Compressive strength of wrought iron
Tests conducted by Marshall in 1887 and KirkaldylB66 showed that for practical

purposes the tensile and compressive strengthsafghit-iron can be taken as the same.
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However, Gordon has proposed that in cases whereslt#y inclusions are excessively
elongated test samples can exhibit lower compressirengths due to the ferrite matrix
being divided into columns, which can buckle prioryielding of the ferrite. (Gordon
1988). Such buckling at the microscopic level, eétedted by the test machine as initial
compressive yielding even though the ferrite hasyet yielded. Buckling of the ferrite
columns occurs because the slag is weak, brittte remm-cohesive with the ferrite, so it
offers little support to it. (Gordon 1988). Gordorntests showed that the average
compressive yield strength, along the grain, wasual20% lower than that of similar
specimens pulled in tension along the grain. (Gorti88). Given that this result can be
attributed to excessive elongation of slag inclasid@ is reasonable to conclude that the
more refined the iron is, the closer is the equalit compressive and tensile strength, as
the ferrite will then not be divided into slendetuanns. When loaded across the grain this
relationship is reversed as it is dominated bywleakness in tension caused by the slag
inclusions in that orientation. (Gordon 1988). @&3 the grain the yield strength in
compression was higher than that in tension. (Gort@88). In conducting compressive
tests on iron it is important to size the specirserthat buckling of the sample is avoided.
Gordon states that specimens longer than abowrBaders usually buckle before the test
has progressed to the point where compressive sisddgth and modulus of elasticity can
be measured. (Gordon 1988). Gordon also statéshtbacompressive yield strength is
independent of specimen shape as long as the lengjreater than twice the diameter
(Gordon 1988).

1.13 Impact resistance and fatigue of wrought iron

In terms of fatigue failure the fatigue limit of eught iron may be taken to be about one-
third of the ultimate tensile strength (Cullimor86¥). Lack of toughness rather than
strength has been attributed to various failurestafctural elements. Wrought iron from
the S.S. Great Britain (Morgan 1996) and Walnue&tBridge in the U.S.A (Green 1999)

showed a high ductile-to-brittle transition temgera indicating that wrought-iron is
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potentially prone to brittle fracture at normal fgematures, (See Figure 1.31). This was
confirmed by tests conducted as part of the prassetrch project where it was found that
the ductile-to-brittle transition temperature midstly lies in the range 40 to 80. Impact
test data indicates that the toughness of wroughquite variable. Charpy values for
wrought-iron from an American truss bridge weretlwe range 34-144 Joules (Sparks
1998) while Charpy values for Walnut Street Brid§ee Figure 1.31) were in the range
10-60 Joules. (Green 1999). For a rolled wrougtt-ibeam taken from the Royal Albert
Hall and tested at UMIST at room temperature therage Charpy values were quite low,

10 Joules for the flanges and 23 Joules for the (B&dude 2000).

Absorbed energy
(ft.1b)

C
(/ WROWGHT TRON
FROM WALNWT STREET

BRIDGE \

/
Modern mild s!ee//

+
Wrought iron from the

/ S.S. Great Britain

{

I I I I I T | T
-60 ~40 -20 0 20 *40 «60 80 100

Test temperature ( C)

Figure 1.31 Impact Energy — Temperature curve for the wrougin-of the S.S. Great Britain (Morgan
1996) with similar impact data from Walnut Streeidge (Green 1999).
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This beam material was tested again as part optgent research project and compared
with material taken from a plate-and-angle beanmfiedinburgh GPO. The Albert Hall
beam material gave similar results to those stabede but the Edinburgh GPO beam gave
Charpy values in the range 20J to 40 J, and basdtii® and other tests the Edinburgh
GPO wrought iron was considered to be of bettelityuddlowever, Charpy data is so
variable, particularly in wrought iron, that itm®t a reliable means of assessing resistance

to impact and can only serve as rough guide in @img different wrought irons.

It is shown in Chapter 3 with reference to a begdeast of the Albert Hall joist mentioned
above that brittle fracture can occur in wroughinirunder static loads. The cause of
brittleness in wrought iron is most likely due tagth phosphorus content or strain
hardening caused by cold rolling. In the absenceéhese factors wrought iron can be

expected to offer good resistance to suddenly egpbads.

The behaviour of wrought iron in a fire is likely be very similar to that of steel, as like
steel, its strength falls sharply above about’@00(Sutherland 1992). The coefficient of
linear expansion of wrought iron is similar to tioéisteel, being generally between

10 x 10° and 12 x 18 per°C at normal working temperatures. (Sutherland 1992)
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1.14 Working with wrought iron - repair and preservation

A summary of the physical properties of wroughniro comparison to those of mild steel
and cast iron is given in Table 1.1. In generabwght iron is slightly more resistant to
corrosion than steel. (Wallis 2008). This may be ¢l a layer of millscale, which is a

tough layer of hardened and compressed slag andxide. The lack of slag in steel, and
thus the absence of iron silicate in steel millscahay render it a less effective barrier to
moisture, with consequent greater ease of corrodiffective corrosion protection of

wrought iron is achieved by painting. When repaigtiwrought iron the millscale should

not be removed if it is adhering. (Wallis 2008).

Cast iron Wrought iron Mild steel

1.8-5%C Almost pure iron (<0.1% C, silicate 0.1-0.4 %C
slag content up to 4%)

Crystalline structure Fibrous wood-like structure (thin Crystalline structure
‘laminae’ or layers of slag
alternating with iron)

Brittle, poor resistance to Ductile, malleable (forgeable) Ductile, malleable
mechanical or thermal shock

Good in compression,weak in  Good in tension and compression ~ Good in tension and compression

tension

Difficult to weld Readily forge-welded Readily welded
Good corrosion resistance Better resistance than steel Corrodible

Can chill hard in the mould;  Ductile Ductile, tough
brittle

Formed by casting in mould  Rolled or hammered to shape Rolled to shape

Table 1.1. Comparative properties of cast and wrought inoch mild steel (Wallis 2008)

"Loosely adhering millscale, rust and paint canrdi@oved by hand tool cleaning - wire
brushing, scraping, and chipping - but these methweidl not remove tightly adhering
material. Wire brushing tends to polish rather tmeamove adhering rust, reducing the
adhesion of subsequent paintwork. Power tool chgpnisanding, needle gunning and
descaling chisels - is more effective, but is miikely to cause damage. Flame cleaning,
being non-abrasive, is particularly suitable foe toft surface of wrought iron, and is
effective in dislodging rust packed between joiocethponents”. (Wallis 2008)

(See Figure 1.33)
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Figure 1.33 Typical hidden flaws in wrought iron work (WalZ08)

Cathodic protection may be used to prevent cormsiowrought iron and has been used
successfully to protect wrought iron cramps burvigtthin stonework. (Wallis 2008).

Typical hidden flaws in wrought ironwork are brokevets and delamination of the metal

due to large slag inclusions. Defective rivets ofien be detected by hammering as they

emit a duller sound than sound rivets. (Wallis 2008

Electric arc welding such as MMA or MIG techniquzsn be used to join wrought iron
components. Although the traditional means of jugnvrought iron was forge welding
this would be impractical for making repairs toteusture on site. "Wrought iron should
preferably be welded with a full or partial pengtma butt weld over its cross section, as an
alternative to fillet-welding of the metal surfacghich can be ineffective owing to the
laminar nature of wrought iron."(Wallis 2008). Whemought iron is welded by either of
the electric arc techniques mentioned above therbsalts will be obtained if the welding
speed is decreased slightly below that used fos#ime thickness of mild steel. (Marine
1937). The reason for this is that with reducecedp@e pool of molten metal immediately
following the arc is maintained in a molten comutitifor a longer period of time, thus
allowing the slag the opportunity to float out dfetweld metal and to allow a more
complete elimination of the gases. (Marine 1937)rtlkermore, with the electric arc
processes it is desirable to use a slightly lowerent value than that used for the same

thickness of mild steel. (Marine 1937). This israportance when thin sections are being
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joined, since there is the possibility of burnifgaugh the material using the slower
welding speed. (Marine 1937). However, as a gematalwrought iron should be worked
hotter than steel to produce a good weld. (Mar@&7). This is possible because the high
purity of the ferrite in wrought iron, particularkyith respect to carbon, manganese and
silicon reduces the possibility of burning. (Marid®37). The ferrite component of
wrought iron melts at about 15 which is somewhat higher than that for low and
medium carbon steels, while the slag melts at dineet temperature of 1280. (Marine
1937). Melting of the slag gives the surface oftiietal a greasy appearance which should
not be mistaken for actual melting of the base métageneral it is advisable to use an
electrode rod which has a yield strength near tfaivrought iron and to avoid rods
containing high carbon or alloys intended to inseethe yield strength. (Marine 1937).
Flux coated mild steel rods are suitable. A guaweélding procedures for wrought iron is

given in Tables 1.2 and 1.3.

Plate thickness (mm) 6 9 12 15 19 22 25
No. of passes 3 4 5 6 8 9 10
Diameter or electrode rod (mm) 5 5 5 5 5 5 5
Current (Amperes) (approx) 170 170 180 180 180 18080

Table 1.2 Manual Metal Arc (MMA) welding procedure guide farought iron. (Marine 1937)

Plate thickness (mm) 6 9 12 15 19 22 25
First layer - first side (V side) 200  20( 175 175 751 | 150 | 150
Intermediate layers - first side (V side) 126 125251 125 | 125 | 125| 125
Last layer - first side (V side) 125 12 10p 100 010 100 | 100
First layer - second side 125%* 12%* 100* 100* 100150 | 150
Intermediate layers - second side - - -1125 | 125
Last layer - second side 100 010

*Not used unless a double weld is specified.

Table 1.3 Recommended rate of travel of electrode in mnmpiaute for Manual Metal Arc (MMA) welding
of wrought iron plates flat and butt edge-to-eddgh V joint. (Marine 1937)
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The essential guidance conveyed by the data ineTald is that the first layer of weld

metal should be applied a little faster than subestlayers. This may be to prevent
burning through the thin metal at the bottom of Yhgroove on the first pass. As more
layers of weld metal are laid down, there is lessspbility of burning through the plate so
a slower rate of welding may be employed. In 1938&rike Engineering and Shipping
Review reported on tensile and bending tests cdeduon wrought iron plates welded
edge-to-edge and flat, with the edges to be wetldading a V groove. In all of the tests
fracture occurred away from the weld zone and is wancluded that the welds were
stronger that the wrought iron plate. (Marine 193B) addition, stretching during bending
was more pronounced in the wrought iron parent hikéa in the weld metal due to the
greater strength of the latter. (Marine 1938). altbh arc welding of wrought iron

structures is possible forge welding is generatigfgrred as it results in a more uniform

component both compositionally and mechanically.
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Chapter 2 Review of past and current assessment methods for wrought iron

2.1  Assessing the quality of wrought iron in the 19" century ironworks

In the early days of wrought iron manufacture thé/avay of assessing the quality of the

finished metal was to subject it to a variety o$tdeactive tests performed by hand. These
tests normally consisted of bending, tearing, iwgsor punching the metal to see how it

responded to ill-treatment. Such tests quickly stebwwhether the iron was good or bad.
Even with the introduction of regular tensile tegesrformed by machine the simple

foundry tests performed by the blacksmith were nabandoned during the entire time of
wrought-iron manufacture. Shown in Figure 2.1 gicure taken from a catalogue of the
New British Iron Company depicting the various fdon tests used to determine the

quality of the iron.

che e British Jron G:ompany £

SKETCHES FROM TESTED PIECES OF
“LION” AND “CORNGREAVES” IRON

Figure2.1 The
New British Iron
Company
foundry tests for
wrought-iron
(Gale 1977)




Probably the most widely used test was the nickdliest shown in the bottom right-hand
corner of Figure 2.1. The nick-bend test was inethdn nearly all specifications for
wrought iron (Rawdon 1924). It consisted of makingmall transverse nick across the bar
to be tested and then the bar was bent backwastriging with a hammer on the edge of
the smiths anvil, tearing open the bar and exposgiadgibrous texture or otherwise of the
iron. The following description illustrates the tkamiths interpretation of what he saw

when examining the freshly broken fracture.

“Long, silky fibres adhering together like a bundlié hempen strands make him believe
that his iron is of a tough, soft quality, easydoge and shape, but hard to break. A coarse
granular fracture indicates a harsh, brittle irosubject to ‘cold shortness’ or to being

easily broken when in use. A ‘red-short’ iron isngeally denoted by the appearance of

numerous cracks on the edges of the bérlie Engineer 1863)

By definition red-shortness is detected when tba is hot. If after heating a bar to a red
heat, cracks developed along the edges, and whntriHeepiece broke easily, then the iron
was red-short. (Skelton 1924) This indicated thatiton had not been purified sufficiently

in the puddling furnace and contained an excegho$phorus (Skelton 1924).

When the steam hammer was first introduced many workers disliked it as they
believed that it prevented the early identificatadired-short iron. The reason is that in the
days prior to the steam hammer the helve hammeuses which delivered a constant and
relatively heavy blow. Under a heavy blow red-shosh would simply crumble and so
would be sent back to the puddling furnace. Howewéh the much greater control of the
steam hammer and its variable force of impact,steatt iron could be ‘nursed’ under
gentle blows in order to form a cohesive mass. d@#66). Thus bad iron could be

produced and remain undetected until much furth@mgain the manufacturing process.
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For this reason some foundries never adopted g@smnshammer and chose instead to use
steam powered helve hammers. (Gale 1966). Howewast foundries did adopt the steam
hammer and with care and experience the iron wetlearned how to identify bad iron, so
that these foundries were still able to produca wbequal quality to those who chose not

to use the steam hammer (Gale 1966).

Various hot and cold foundry tests were applieth®iron depending on the grade of iron
being produced. The highest quality grade of inonBritish practice was called Best-
Yorkshire iron and was produced in the Leeds analdiérd areas of West Yorkshire.
Some of the firms that made Best Yorkshire ironeveowmoor, Farnley, Monkbridge,

and Taylors. For this grade of iron the 1913 BhmitiStandard specification included the

following clause relating to foundry tests on rani

Test pieces shall be lightly and evenly nicked oa side with a sharp cutting tool and
bent back at this point through an angle of 4BQ pressure in a press or by a succession
of light blows, when they shall show a fibrous fuse free from slag or dirt. The same test
pieces when nicked all round and broken off shbailsshow a fine uniform crystalline

fracture. (Rawdon 1924)

For rivet iron the foundry test of quality was tenldl a 24 in length into the form shown in
Figure 2.2. The iron was considered to be of gamlity if there were no signs of fracture

on the outside of the bent portions.

Figure2.2 Cold bend test for rivet iron (Skelton 1924)
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With regard to regularity of foundry testing thdesant British Standard clause was as
follows:

One cold and two nick-bend tests and two fractaststshall be taken from each three tons
of material (Skelton 1924). For rivet iron the tests had topeeformed on every ton of

metal produced.

For grade ‘A’ iron, which was the next level of gjiaunder ‘Best Yorkshire’, the iron
was subjected to the foundry test shown in FiguB Zhe description of the test is a
follows:

Specimens of the bars as rolled shall be punchédllated heat with a punch one-third the
diameter or width of the bar, at a distance from #nd of the bar equal to 1.5 times the
diameter or width (Fig. 1). The hole shall then drdted out 1.25 times the diameter or
width of the bar (Fig. 2). The end of the bar ughe hole shall then be split, and the ends

must admit of turning back without fracture (Fig. Bkelton 1924).
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Figure2.3 Hot forge test for wrought iron (Skelton 1924)

The above descriptions of foundry tests of quaity just a small number of the types of
tests performed. The tests described were takem tihhe 1913 British Standard, however it
should be remembered that in the hey-day of wrought manufacture, i.e. 1850 -1890,
there was no British standard relating to foundegts and individual foundries could
assess the quality by whatever means they likedndisated in Figure 2.1. However,
many foundry tests were maintained by tradition andineers expected to see quality

demonstrated by means of certain well known tests.
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As an example of a foundry test prior to the BhitiStandard, Matheson describes the
bending of iron through a certain distance as tkeasure of quality. “A plate 0.5 in. thick,
bent to an angle of 85without damage, will, if it possesses sufficientdking strength,
afford, for ordinary purposes, a satisfactory probits elasticity. Of course, the thicker the
plate, the more acute should be the angle by whishried.” (Matheson 1873). Matheson
also states that iron from which rivets are madrikhbe of a better quality than ordinary
bars, and its ductility should be such that it wiéihd double when cold without cracking.
(Matheson 1873). This would explain why in the Bht Standard rivet iron was tested

more often than bar iron.

2.2 Development of tensile testing of wrought iron

In the early half of the #®century tensile testing was not conducted in adstedised way,
nor was it routinely performed. At that time teadiésting was generally carried out when
needed for a particular structure. However, by thiedle of the 19 century, when
wrought iron began to surpass cast iron and wheg kpan roofs and other slender
structures were developed, there emerged a gneegel for better knowledge of material
strength and reliability.

When David Kirkaldy conducted his investigationoirthe properties or wrought-iron and
steel in 1858-61 at the Napier shipbuilding firmg imstruments could not measure elastic
limit. When Napier and Sons discontinued Kirkaldygsting program he resigned his
position with the firm so that he could devote bigtire time to materials testing. He
designed a new form of testing machine and setripiBs first commercial testing works
in 1865 (Smith 1980). Records of his tests condliate 1866 show that by this time
Kirkaldy was able to measure elastic limit.

The development of accurate strain measuring devinethe 1860’s made reliable
measurements of elastic limit possible. During 860’s and 70’s materials testing

became more routine as various laboratories werapsthroughout Europe and America.
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From 1863 Knut Styffe as director of the Royal Treabgical Institute in Stockholm

conducted tests on iron and steel as part of a ¢esion set up to investigate iron and
steel for railway purposes. August Wéhler and JoBaaschinger did much to establish
and standardise materials testing in Germany. Marigovernment owned laboratories
were set up in German universities; the first wad871 at the Polytechnical Institute of
Munich with Bauschinger as its director (Timoshed®3). In 1878 A.B.W. Kennedy set

up the first British university engineering labanat at University College London.

Figure2.4 Testing room of David Kirkaldy’'s Experimentalchfiesting Works at 99 Southwark Street,
London. The drawing shows the testing machine wKickaldy designed himself. (Kirkaldy 1891)

In America the desire for better understandinghef tnechanical properties of iron was
probably greater than anywhere else, because attitha many American engineers
viewed themselves as being too reliant on foreigreemental work for knowledge about
the mechanical properties of iron and steel (Pygs®&4). The U.S. Government created a

Board in 1874 to provide a national facility fostieg materials. (Gordon 1996).
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Figure2.5 Professor Alexander Kennedy’s testing machirgdratersity College London. (The Engineer
1890)

Congress allocated $75,000 to the Board and in 1878 a contract was made with Albert
H. Emery to design a precision testing machine §Giis 1934). The machine was
completed and installed at Watertown Arsenal, Wewen, Massachusetts in 1879 (The
Engineer 1888). An extensive program of testingabeghich was reported on an annual
basis. The testing machine at Watertown Arsenalchwvbecame known as the ‘United
States Testing Machine’, was a significant achiest@nas it was one of the largest and
most precise testing machines in the world. Amemas now in a position to make
significant contributions to the field of materiassting.

As in Britain and Europe the American universi@so set up their own materials testing
laboratories. One in particular was that at the $daBusetts Institute of Technology. This
particular university is of interest in the preseantext because of the meticulous records
of tests on wrought-iron that were made there & 1B880’s and 90’s. In 1883 Gaetano
Lanza was put in charge of the department of machkaengineering and immediately
began a considerable expansion of the mechaniggihe=ring laboratories. He was

particularly interested in the testing of full sgieuctural members (Lanza 1912).
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Figure2.6 United States Testing Machine at Watertown Ark€Fiaze Engineer 1888)

At M.L.T. Lanza had a Fairbanks testing machines@f000 Ibs capacity which besides
being used for making tensile tests on iron ane wpe, could be adapted in such a way
as to enable full size beams to be tested for veame strength and deflection. The
allowable spans were up to 25 feet. (Lanza 1883M)zh retired from M.I.T in 1911 but for
a number of years after this he was associated théhBaldwin Locomotive works in
Philadelphia, where his expertise in full size natbal testing was required. (The Tech
1925). M.L.T.'s test records were used in the presesearch on wrought-iron. By the end
of the 19" century, steel had eclipsed wrought iron as theidant structural material, and
as a consequence, there was a reduction in theneodd tests on wrought iron. Therefore,

the period of most abundant and reliable tensge records is between 1860 and 1900. In
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the 20" century tests on wrought iron were usually coneiavhen an old iron structure
was demolished or refurbished.

When wrought iron was used as a structural matdérialas never subject to a design
standard. The earliest publication of a structdesdign standard in the UK was in 1906
when what became known as BS 15 was introducedss@ul997). This was the British

Standard for structural steel for bridges and ganbkuilding construction, but it only

applied to steel and not wrought iron. (Bussell7)99t was the first attempt to introduce a
national standard for steel and thus avoid theaisthe traditional steel 'grade' system,
which had been in place since the time of wrougiht.i(Bussell 1997). This was followed
by the 1909 London act which specified loads, st@sd design methods for structural

steelwork. (Bussell 1997).

2.3  Present knowledge of wrought iron material properties

Although there are a number of books about thesassent of existing iron structures the
only current standard in the UK which applies t@ught iron is BD21/01 The Assessment
of Highway Bridges and Structures. In this standduel characteristic yield strength of
wrought iron is given as 220 N/mfmHowever it was found during the course of this
research that any body of tensile test data willegally give a lower value of characteristic
yield strength than that quoted by BD21/01.

In a recent study conducted for Network Rail by Hayward Consulting Engineers, a
large number of tensile test records on wrought were collected. The data was primarily
for plate iron but some angle and tee iron dataalss gathered. The results of a statistical
analysis of this data are summarised in Tables®2.4. and represents the most recent
published study of wrought iron material properti€aese records, together with those
collected as part of the present research prapste been used to produce a database of
tensile test records, the assessment of whicteisubject of much of the remainder of this

chapter.
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With-grain tension specimens: mean values

Ulimate tensile

Mominal plate  Mominal plate Mumber of  Elastic modulus,  0-2% proof strength:
thickness: mm width: mm specimens E: kMN/mm? stress: N/mm?® {M/mm® Bongaton: %
13 450 6 201 276 347 6-3
10 565 V] 212 277 337 66
] 234 6 214 150 365 184
6 570 5 190 132 295 73
I = 6 237 216 328 44

Table 2.1 Tensile test results for loading parallel to grdirection (Moy 2009)

Cross-grain tension specimens: mean values

Uldimate tensile

Mominal plate  MNominal plate Mumber of  Elastic modulus,  0-2% proof strength:
thickness: mm width: mm specimens E: lN/mm? stress: N/mm® {MN/mm® Bongaton: %
13 450 6 218 285 301 I-6
10 565 10 24| 277 290 20
10 234 6 255 24 260 I-4
6 570 5 191 3 277 &3

Table 2.2 Tensile test results for loading perpendiculagrain direction (Moy 2009)

With-grain specimens — mean values

Uldmate
Mominal plate Mominal plate Number of Elastic modulus, 0-2% proof Ccompressive
thickness: mm width: mm spedmens® E: kN/mm* stress: N‘mm”  strength: N/mm*
13 450 2 {4) | 76 239 553
10 565 10 {6) 180 204 443
10 134 12 (4) 153 184 485

Table 2.3 Compression test results for loading parallelraargdirection (Moy 2009)
* Values in brackets indicate number of elastic olad specimens.

Mean | Standard | Lowest Characteristic| No. of
deviation | credible value| value* tests

Yield stress in tension: (N/nfn
With grain 250 | 29 190 198 329
Across grain 234 | 39 154 153 48
Ultimate tensile strength: (N/nfin
With grain 348 | 36 232 283 329
Across grain 285 27 243 221 22
Elastic modulus in tension: (kN/nfin
With grain 210 | 35 167 - 22
Across grain 241 35 151 - 22
Elongation at failure: (%)
With grain 15.0 | 7.0 4.0 - 329
Across grain 1.36 | 0.76 0.38 - 22
Yield stress in compression: (N/m
With grain 208 17 152 161 12
Elastic modulus in compression: (kN/fjm
With grain 171 26 138 14

Table 2.4 Summary of tensile test results for plate wrougirt (Moy 2009)
* The Characteristic Value is given by: CWk= ks wherex is the mean anglis the standard deviation of
the set of test results, and k = 4.21 for 5 resklts2.91 for 10 results, k = 2.57 for 15 resullts; 2.22 for 30
results, and k = 1.64 for an infinite number ofutes (Moy 2009).

From Table 2.4 it appears that the modulus of ielstis greater across the grain than

parallel to the grain. The reason for this is uskn@nd may require further research.
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2.3 (a) Modulus of elasticity of wrought iron

Tensile tests on various American, British and Negian wrought-irons were compiled to
produce the histogram of values for modulus oftedég shown in Figure 2.7. The mean
value is 197 kN/mr) which is close to the BD21 Highway Standard vaafe200

kN/mm?. Outlying values are probably a consequence oéfxgntal measurement error.

Samples tested along grain. No. of tests: 242

Modulus of elasticity 100—— — —
kKN/mnt —
Range 124 - 253 Ch — — :
Mean 197
Standard deviation | 13 e

Table 2.5. Numerical summary of modulus of
elasticity data represented in Figure 1.32.
(O'Ssullivan 2007).

Number of test results in each group

Figure 2.7 Modulus of elasticity of bar wrought- 1

I 1 | | I I 1
iron (O'Sullivan 2007) 140 160 180 200 220 240 260
Modulus of Elasticity (kN/mm?)

Popplewell stated that the modulus of elasticity96-207 kN/mrf (Popplewell 1901).
Bussell gave the modulus of elasticity as 154-280ma’ (Bussell 1997).

The Department of Transport Highway Standard BOgsciies 200 kN/mrhfor modulus

of elasticity. A search has revealed nothing ptielison the origins of the BD21 data and
thus it is not known what data set was used to rgémehe characteristic values given in
BD21.

2.3 (b) Tensilestrength of plateiron

As previously mentioned, for plate iron, an effeetimeans of equalising the strength
parallel and perpendicular to the direction of ¢nain was cross-piling, in which the bars
were piled in alternating directions, as showniguFe 1.12, before being rolled into a thin
plate. However, sometimes the plates were formeth Wie outer layers in the same

direction possibly resulting in greater strengtfhat direction.
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Furthermore, the direction of fina
rolling may have given some
dominance to the grain in the
direction. In the results summarise
in Figure 2.8 the grain direction o
the plate refers to the dominat

grain direction.

Figure 2.8 Yield strength of plate iron
tested along and across grain directio
(O’Sullivan 2008).
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It can be seen from the collection of about 55Gitertests results along the grain (Table

2.6) and about 115 tests perpendicular to the dfia@ble 2.7) that plate iron is on average

about 15% stronger in the direction of the domirgnain. It is because of this, that plate

girders were constructed with the grain of thegkbng the longitudinal direction of the

girder. From these test results the characteriggfd strength along the grain is 187

N/mn? which is lower than the value given in the Highw&tandard BD21, which states

220 N/mnA.

Table 2.6 Summary of data represented
Figures 2.8 and 2.9.

Table 2.7 Summary of test data for plat
iron tested perpendicular to grain. Yiel
strength values are represented in Figure
only.

Plate iron. Tested parallel to grain. Numbetests: 550
Yield Ultimate | Elongation
strength | strength | at failure
N/mnt N/mnt %

Range 160-363 232-470 1-36

NMean 240 345 15

Standard deviation 32 35 7

Plate iron. Tested perpendicular to grain. Ndeefs: 115

Yield Ultimate | Elongation
strength | strength | at failure
3 N/mn? | N/mn? [ %
d Range 154-298 183-389 0.1-29.2
? ean 208 296 8
Standard deviation 36 39 7
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In Figure 2.9 the vyield strength and ultimate gjtbnof plate iron is plotted against
elongation at failure (i.e. ductility). Generalthe image shows the considerable variability

in the material, both in terms of strength and dityct
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Figure 2.9. Strength of plate iron testec 0
along grain direction. Vertical pairs o ’ ’ ' ‘
data points are from the same tensi | 0 10 20 30 40|
test. (O’'Sullivan 2008). ( Elongation at failure (%) }

2.3 (¢) Assessing normality of plateiron tensile strength data

The comparison of the actual frequency of yiel@rggth with the normal distribution is

shown in Figure 2.10. From this diagram the yidigrgth appears to follow a normal
distribution and this can be confirmed by computthg Kolmogorov-Smirnov statistic

which is given in Table 2.8. A non-significant ré#s(Sig. value of more than 0.05)

indicates normality. (Pallant 2010). In this cdse $ig. value is 0.067, which confirms that

the yield strength data along the grain directmitofvs a normal distribution.

Kolmogorov-Smirnov

Statistic df Sig.

yield_stress .037 549 .067

Table 2.8 Results of test for normality of yield strengthta
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Comparison of actual frequency of yield strength with the normal distribution.
Plate iron tested along the direction of the grain
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Figure 2.10 Comparison of actual frequency of yield strengitihthe normal distribution for plate iron
tested along the grain direction. (O’Sullivan 2012)

This is also supported by an inspection of the minobability plot (labeled Normal Q-Q
Plot). In this plot, the measured yield strengthdach test is plotted against the expected
value from the normal distribution. A reasonablyagiht line suggests a normal

distribution, which is the case, as shown in Fighidel.

Normal Q-Q Plot of yield_stress N/mm?

N/mm?

Expected Normal
i

(?

T T T T T T
150 200 250 300 350 400
2
Observed Value N/mm

Figure 2.11 Plot of measured yield strength against expecadakevirom the normal distribution. Plate iron
along grain direction. (O’Sullivan 2012).
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The Detrended Normal Q-Q Plot shown in Figure 2sl2lated to the Normal Q-Q plot of
Figure 2.11, in that it is a plot of the actual idé¢ion of the measured yield strength results
from the Normal straight line. If normality exigtsen there should be no real clustering of

points away from the zero line, with most collegtaround the zero line.

In all representations comparing the yield strerddta to the normal distribution given
here, there appears to be a number of outlyingegattt the high end of the strength scale.
These values which consist of just two in numbeay ioe classified as outliers as they are

not representative of the majority of strength ealu

Detrended Normal Q-Q Plot of yield_stress N/mm?

1.2

N/mm?
0.8

0.6

0.4

Dev from Normal

(e]

T T T T T T
150 200 250 300 350 400
Observed Value N/mm2

Figure 2.12 Detrended Normal Q-Q Plot. Yield strength datanglgrain direction (O’Sullivan 2012).

A boxplot of the distribution of yield strength tagsults is shown in Figure 2.13. The
rectangle represents 50% of the test results, theghwhiskers (the lines protruding from
the box) going out to the smallest and largeste&ld’he additional circles outside this

range are the outliers. The line inside the redeaisghe median value.
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Figure 2.13 Boxplot of yield strength test data, along grairection (O’Sullivan 2012).

2.3 (d) Effect of plate thickness on mechanical properties

The data indicates that there is no relationshigvéen mechanical properties and plate
thickness. This is illustrated in Figure 2.14 ie ttase of yield strength. The zero thickness
data points in Figure 2.14 should be ignored asehlues correspond to tensile tests in
which the plate thickness was unknown. Consideaimiate thickness of 10mm it is clear
that the yield strength values vary widely. Thisinscontrast to the case of round bars
illustrated in Figure 2.15 where thinner bars shibweeater strength. In Figure 2.15 a
series of bars of the same material but with diansetanging from 50mm down to 10mm
were tested in tension. The stress-strain grapbssiaggered to show more clearly the
reduction in yield strength with increasing diameléhe thinner bars have greater strength
possibly because they experienced a greater anobinat rolling which makes the ferrite

grain sizes smaller and may also cause greatesimrhletween grains (Johnson 1939)
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Figure 2.14 Plot of yield strength values against plate the&dafor plate iron tested along grain direction
(O'Sullivan 2012).
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and 50mm (Watertown Arsenal 1888)
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24  Current assessment method for structural wrought iron
In the UK Highway Standard BD21/01 the partial fmadf safety for material strength is
given asyn, =1.2. Therefore the assessment yield strengtlssgsament resistance, as it is

referred to in BD21, is given by:

R = FC.L:condition factorf:haracte_ristic yield strengt@ E 220N/rﬁrg F.(183N/mn? )
78 material safety factor 2
One of the main problems with the current assessmethod for wrought iron structures
is that it applies a single strength value to aemait which is known to have a highly
variable strength. Wrought iron was manufacturediitterent grades and higher grades
would have higher strength values. In additionjkensteel, which followed a larger scale
and more industrial manufacturing process, reglitna more uniform product, wrought

iron was made by hand using a craft scale procgsgh was more prone to greater

variability of quality.

When assessing a structure often the origin ofrthreis unknown, so that the grade and
quality are unknown factors. As part of an assessrape may consider taking samples
from the structure to provide information aboutttharticular structure. The problem with
this approach, apart from the obvious fact thatesetement of the historic structure must
be sacrificed to provide the test material, is ttheg results cannot be relied upon to
represent the entire structure, because wrought isosuch a variable material. In the
absence of any sampling, under the current assassmethod one is forced to apply a
uniform characteristic strength of 220 N/mta the metal, as no adjustment to the material
strength is provided, based on the component tyenction of the component. This may
lead to underestimating the strength of certainmpaments with the consequence that they

are judged to be unsafe.
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Furthermore, by the examination of a body of tesdthe characteristic yield strength
value of 220 N/mrhgiven by BD21/01 can sometimes be found to behigh a value as
was the case for the plate iron data examined Isg Elayward. (See Table 2.4, where the

characteristic yield strength for plate iron isagivas 198 N/mA).

Data about the buckling resistance of wrought irather limited, and so, engineers are
forced to use strut curve data for steel to esentla¢ buckling resistance of wrought iron
components. Tests on the compressive resistanfidl gize wrought iron columns were
carried out at Watertown Arsenal in 1883 and 188&oper 1889 and Watertown Arsenal
1883-1893). These columns were of various form lamtt up from riveted angle, plate,

and channel section.

As an assessment method plastic analysis of awsteuis deemed unsafe for wrought iron
due to the sometimes low ductility of the metalisThmits the choice of assessment
methods to elastic analysis which may lead to arrtinderestimation of the robustness of

wrought iron structures.
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Chapter 3  Testing wrought iron beams

3.1  Introduction

In total three beams were tested. The first wadled I-beam, made circa 1868, which had
been used as part of the fireproof floor of the &d@jbert Hall (Steude 2000). It is shown
in Figure 3.1. The second and third beams testedg Wom the floor structure of the old

Edinburgh Post Office, completed in 1866. Thesarzewere of riveted plate and angle
construction (see Figure 3.2). The Edinburgh behats timber planks bolted onto the
sides of the webs, which provided housing for timior joists. One of the Edinburgh

beams was first tested with the timber attachedtla@i tested again without timber.

Figure 3.1
Rolled beam
segments from
Royal Albert
Hall (Photo by
M.O’Sullivan
2008)

Figure 3.2Built-up
plate and angle
flitch beam from
Edinburgh Post
Office. (Photo by
M.O’Sullivan
2008).




3.2 Beam testing under a 4-point loading arrangemen

The decision to employ a 4-point bending arrangerf@nboth beams stemmed from the
advantage of having two points of lateral frictibrestraint of the top flange, as opposed to
having only one in the case of a 3-point bend téstias hoped that a greater degree of
lateral restraint would hold off buckling of theptflange long enough to achieve yielding

of the metal, and thus provide a more informates of the beams behaviour under load.
In a 4-point loading arrangement, the central nedetween load points experiences no
shear force, and so, is in a state of pure bendisagshown in Figure 3.3. The principal

tensile and compressive stress trajectories foeaangular beam under this loading

arrangement are shown at the bottom of Figure 3.3.

Beam loading

arrangement
a J g 5
le
[ l [ =l
Pa
Bending
//’,/,,/””'/’/// Moment
p
Shear
Force
=
B P

BT R A e s e it e Principal
' S e s e e g U Stress
‘ 2= T I ST s Tro jectories
& = s B s i .
> -~ M N \
3 /7\/\ \// A e
L £ p /,//X< Compressive —=--
/ / £ A_,/ = \

Figure 3.3 Stress trajectory diagrams for a rectangular b@a®’Sullivan 2009)
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3.3 Beam testing equipment

The machine used to test the beams was a 2500k Awerersal testing machine, shown
in Figure 3.4. The loading plate (A) of the machimdéixed in position by locking it into 3
vertical posts. The machine operates by raising#se (B) at a constant rate so that when
the beam encounters the loading plate it experteluza. The tests were conducted under
displacement control, which means that the bagbeoinachine and everything it carries
rises at a constant rate regardless of whatevetufitions in load occur between the beam
and the loading plate. Sudden load fluctuationsamur during testing, when parts of the
beam fail or at yielding of the material. Displacarhcontrol allows such load fluctuations
to be measured and is particularly important whgemgpting to identify the yield point of

the beam. In all the tests conducted the liftirtg r@as 0.03mm/s.

O O O
O O O
O O O
O O 0
@) @) @)
A
(loading plate O O O
locked in position)
Avery testing machine used N 3 beams were tested
in bending tests 0 0 all were 4 point bend tests
Shown here with 3.0m long ! ) loading rate: 0.03mm/s
Edinburgh beam
@) O ©)
*] o Qo ] *] Q| o o o o ¢ ] o ¢ ] Q Q
O O
o] o o o] o] Q o] [e] o o o] © o o] o] o o
B

‘ ‘ (base of machine rises)

Figure 3.4 Avery Testing Machine used in beam tests. (M.Qigah 2009)

79



3.4  Testing the Royal Albert Hall beam — Objectives

One of the Royal Albert Hall beams was tested gu@ as part of an earlier research
project (see Steude 2000) and another beam ofthe dimensions and source was tested
as part of the present research project. It wagldddo repeat the test performed during
the previous research project using the same Igaaid span but with the exception of
having a deliberate flaw in the beam. The flaw wasunded notch at mid-span across the
bottom flange, which was cut using a grinding whééle details of the notch are show in
Figure 3.5. Such a blunt flaw can occur in struesufor example, by careless use of an
angle grinder during refurbishment work. Howevdgcpment of the notch across the
bottom flange, at mid-span, was chosen in ordentmurage failure at this critical section.
Therefore, the objective of the test was to ingedé the effect of a flaw on strength and
behaviour. The significance of the flaw is bestnsbg direct comparison with the results

for the un-notched beam. Test results are comparsekction 3.6.

Beam shown here
up-side-down

N O
p— —
R4 R )
R8,6+ 99°
L poBgX X
CENTRO|DAL| AXI|
10/5
101,5
L— Ii-{
| Eé\\
]
81 -
‘ 0MM GRID

Section properties: Area = 3872rfim
Second moments of area; | =23070205miy) 7 953296mn

Figure 3.5 Albert Hall beam with machined notch across botftange. Shown here with beam up-side-
down. Also section properties of intact beam sectidl dimensions in mm.
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Two tests were conducted. In the first the beamloaded up to 90kN and then unloaded.
In the second test the beam was loaded to failtre.purpose of the first test was simply
to investigate the behaviour of the beam duringlilogwithin the elastic range.

Because the beam has an | shaped cross sectioacthal stress trajectories were

somewhat more complicated than those depictedhrectangular beam of Figure 3.3.

Nevertheless, the stress trajectories shown inr€igLB gave a starting point for the choice
and arrangement of strain gauges. In order to mdterthe direction and magnitude of the

principal stresses in regions of the beam expengnboth bending moment and shear
force a rosette of 3 strain gauges was necessacaldulation example of how this was

done is given in section 3.10. For the region iregoending, where the principal stresses
are horizontal, a single horizontal strain gaugellishat was required. Deflection gauges
were also placed at various points against the sastnown in Figures 3.6 and 3.7. These

deflection gauges are also known as linear potewiers.

N ] i 4 e ¥
0 . o ‘ ," & ': A -
X . P 4 ¢
{ - s p ¥ M
| . : ' . (B =
\ ., o Y 1.7/ A T S
< v/ A SN
RN \ ‘/’, 7 ok . .
e 1 s k :
a "-‘1 Ly Fd / 3 . \

Figr 3.6 Loading and gauge arrangement for Albert Hall béssh This picture shows the back elevation
of the beam and can be compared directly with Ei@u7. (Photo by M.O’Sullivan 2008)
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Figure 3.7Loading and gauge arrangement for Albert Hall bé&sth Numbers in black indicate gauge
numbers. All dimensions in mm.

82



3.5 Results of bending test of Albert Hall beam —eflection behaviour

The first test of the beam involved loading it BPAOKN, which kept the beam within the
elastic range. The load / vertical deflection deagrat mid-span is shown in Figure 3.8.
The graph for the notched beam shows that it retuio its original position with no
permanent strain. This confirms that the loadingamed within the elastic range.

The un-notched beam also returned to its origimaliton even thought the graph may
indicate otherwise. The non-zero displacement vatube end of the unloading part of the
graph for the un-notched beam was due to machingopent settlement. The vertical
displacement of the un-notched beam was recorded usachine displacement, whereas
the displacement of the notched beam was measurectly with a deflection gauge

placed against the underside of the middle of #ah (i.e. gauge 29).

Vertical deflection at mid-span
100

90 A
80

70

:: /

Load (kN)

; // \
30 // —— |oading and unloading notched
/ /-/ // beam. (Gauge 29)
20 —=#— |oading and unloading un-notched
//-/ / beam. (Machine movement)
10 / Theoretical elastic deflection for  —
un-notched beam

0 0.2 0.4 0.6 0.8 1 1.2 1.4 1.6
Vertical deflection (mm)

Figure 3.8 Vertical deflection of the middle of the beam (Qfl&/an 2008 & *Steude 2000)

The lateral deflections of the notched beam arensamsed in Figures 3.9 and 3.10. The
deflections were too small to be of visual sigrafice. At the locations of the loading

points there was considerable friction between ¢omtact surfaces, which caused
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resistance to lateral movement. This is demonstratd-igure 3.9, where the maximum
deflections are written onto the picture. For exlanat end A the roller support restricted
lateral movement of the lower part of the beamrily . 1mm whereas the free upper part
of the beam, at the same cross section, moved ghOaterally. The beam as a whole,
exhibited a slight amount of twist but it was soafinthat to the naked eye the bending

appeared to occur in the vertical plane.

b : *,/ //‘ : D . ' y
Figure 3.9 Loading arrangement of the Albert Hall beam tBsfflections noted are in mm and occurred
under a load of 90kN.

S

In the present discussion, let the back elevatidhe@beam, which is shown in Figure 3.9,
also be known as the left side of the beam. Inifeigu10 deflections with a negative sign
indicate movement toward the left. A positive defilen value means movement toward

the right.

In the second test the beam was loaded all thetovégilure. The load / vertical deflection

diagram for this test is shown in Figure 3.11. &talsehaviour was exhibited up to a load
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of about 260kN, at point E in Figure 3.11. Afteaththe graph deviated from a straight

line as the beam began to yield.

—e— Lower End B lateral deflection (Gauge 21)
—=— Upper End B later deflection (Gauge 23)
Lower End A lateral deflection (Gauge 37)
Upper End A lateral deflection (Gauge 39)
—=— Lower mid lateral deflection (Gauge 33)
—e— Upper mid lateral deflection (Gauge 35)

Lateral deflection at
6 points on the beam

faTal Py '3
o

S !

| 70 A /
’ x

Load (kN)

T T T T T T T 1% T T T T

-2.25 -2 -1.75 -15 -1.25 -1 -0.75 -05 -0.25 0 025 05 0.75 1 1.25

Lateral deflection (mm)

Figure 3.10Lateral deflection readings for loading up to 90khbading within elastic range — Test 1)

However, quiet cracking sounds were heard fromtpionward so it is unclear whether
the metal was yielding or undergoing micro crackidg point C, a very loud bang

resembling a snapping sound occurred and a laegl gvas immediately apparent.

Load / vertical deflection for loading to failure of Albert Hall beam
400
/ F
350 —
300 - ﬁ
/ C —— Test of notched beam
E
250 \"-\ —— Test of unnotched beam *
< // \
<
g 200 7
o
-
150 -
N
100 -
50
0
0 2 4 6 8 10 14 16 18
Vertical deflection (mm)

Figure 3.11Vertical deflection of the middle of the beam (Oll&zan 2008 & *Steude 2000)
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The sharp fall in the graph at point C correspaidthe sudden cracking of the beam. At
this point in the test, loading was halted so thatbeam could be examined safely. The
load at point C was 283kN, and may be taken asltheate breaking load for the notched
beam. The collapse load for the un-notched beam3w8&N at point F in Figure 3.11.

Thus, the effect of a 4mm deep blunt notch acrbesbbttom flange was to reduce the
beams ultimate load carrying capacity by 90KN. bidiaon, the un-notched beam

exhibited linear elastic behaviour up to a loadledut 320kN, some 60kN higher than the

notched beam.

The crack in the notched beam, which appearediat 8¢ extended about 60mm up from
the notch in the bottom flange, as shown in Fighfe. It is not known what arrested the
crack. When the test was resumed (at point D inr€i@.11), the beam began to carry an
increasing load for a while. However, this behaviaas short lived as the crack slowly

and steadily grew up through the web of the beam.

It is clear from the sudden cracking of the beandan a slowly applied load, that the beam
was quite brittle. However, the load-deflectiongirdior the un-notched beam suggests that
beam possessed some degree of ductility. The redsomrittleness in wrought iron are
discussed in Chapter 1. One main possibility idingl of the iron without being
sufficiently hot, such that strain hardening occatrg¢he time of manufacture. The second
possibility is chemical composition. Excessive dugs of phosphorus or carbon in iron

cause brittleness.

For the second test of the notched beam the ladlefédction gauges at the ends of the
beam were removed because they would yield litteful information, and it was likely

that they would be damaged upon failure of the beEme lateral deflection gauges at the
middle of the beam were left in place for the tesfailure and the results are illustrated in

Figure 3.14.
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e

T B X
g initial ckang at point C in Figure 3.11

Figure 3.12Notched beam after unloading followin
(Photo by M.O’Sullivan 2008)

Figure 3.13Close-up of crack in beam originating from blunteh. (Photo by M.O’Sullivan 2008)
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Lateral deflection of middle of Albert Hall Beam
300

C o— - /——'C

250 - /’ /
Initial yieldin P
—e— Gauge 33 y g Initial yielding
200 I | —™— Gauge 35 \

100

=
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!

Load (kN)

50 MQ/
0 0.2 0.4 0.6 0.8 1 1.2 14
Lateral deflection (mm)

Figure 3.14Lateral deflection of the middle of the beam uph® point of sudden cracking at point C.

The graph in Figure 3.14 shows the lateral movesehthe middle of the beam up to the
point at which the beam suddenly cracked at poirBd@h the upper and lower parts of the
beam moved to the right, which means that thereliti@sor no twist. At this cross section
the free lower part of the beam moved outward #iigmore than the upper part, which
was partially restrained by the two nearby rollead points in contact with the upper
flange. A maximum outward movement of 1.2mm ocali@ethe point of initial yielding,
and the beam moved back as yielding progressesl.clear that these lateral deflections
were quite insignificant and loading to failure ooed within the vertical plane. Sighting

the beam along its length during the test confirnesl

3.6 Results of bending test of Albert Hall beam —tiin measurements

Four strain gauges were fixed to the flanges ofos@m at mid-span. These are shown in
Figure 3.15. Two strain gauges were placed on tierdop surface of the beam and two
gauges were fixed to the lower flange just aboeenibich. For the test to failure the load /

strain diagram for these gauges is shown in Figué.
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END B END A
73 79
@2 &

MID DEPTH OF BEAM

67 6l

‘ 6l
STRAIN GAUGES AT
MID POINT OF BEAM

Figure 3.15Back of beam showing placement of strain gaugasigés are numbered as shown. The load /
strain diagrams for these gauges are shown in &g (M.O’Sullivan 2009)

Load / strain diagram for flanges at mid-span
300
c
c
C
3
=
ks
o
-
—— Gauge 73
—— Gauge 79
Gauge 67
Gauge 61
‘ o ‘ ‘ i
-4000 -2000 0 2000 4000 6000 8000
micro strain strain = micro strain x 106

Figure 3.16Load / strain diagram for flanges at mid-spanauthe point of sudden cracking at point C.

The gauges on the top flange experienced compresdide the gauges on the bottom
flange experience predominantly tension. The grapFkigure 3.16 shows strain gauge
readings up to the point of sudden cracking oflibam at point C. At that point the strain
gauges on the bottom flange were torn apart. Ingifa@h of Figure 3.16 these gauge
readings appear somewhat inconclusive. In particidauge 67 appears to fluctuate
between tension and compression and ultimately shelatively significant tension. The

reason for such fluctuations was possibly due & dtiess concentration just above the

notch. For this reason it might be best to disrédle readings in this area and look at the
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top flange gauge readings as being more indicaifvéhe true strain variations during
loading of the beam. These upper flange gaugesnceat to give readings after sudden
cracking of the lower part of the beam. The stragdings to the point of complete failure

are shown in Figure 3.17.

Load / strain diagram for top flange at mid-span

—— Gauge 73 * 356
—— Gauge 79
un-notched beam*
Z
X
e]
©
o
— \
10‘
53X
0 % (e}
-25000 -20000 -15000 -10000 -5000 0

Micro strain strain = micro strain x 106

Figure 3.17 Complete load / strain diagram for the top surfate¢he upper flange at mid-span. Loading
occurred by raising the beam at a constant ra.@8mm/s = 1.8mm/min. (O’Sullivan 2008 & *Steude

2000)

Both graphs for the notched beam show similar bielnav One appears to be a
horizontally stretched version of the other, intimg that one side of the flange
experienced slightly more strain than the otheris T possibly due to a slight lateral
movement of the flange. However, any lateral movameas too small to be of any
significance. The graphs can be separated intardauof regions of different behaviour.
Consider the graph for gauge 73. The first regluows elastic loading up to about 260kN.
This is the straight section of the graph from CEtavhich occurred over a time period of
3.5 minutes. The second region (E to C) where tlagplg deviates from a straight line
involved yielding of the beam material. This perafdyielding took place over 40 seconds.

When the load reached 283kN at point C, the beadesuy failed with a visible crack
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measuring 60mm in length, which originated from tiwéch as shown earlier in Figure
3.13. It is not known what arrested the crack huhe point the mid section of the beam
effectively became a T-section. Despite the crdok,remainder of the beam section still
had some capacity to carry load. The portion ofgtaph from C to H took place over 50
seconds and appears to contain regions of plastarit strain hardening. The flatter
portion may represent a region of plastic flow vdar the upturn at point D may indicate
strain hardening. There is a more significant uptair point | where the beam appears to
have recovered some load carrying capacity. Thpsdbably due to strain hardening of the
material. However, while this was happening to the surface of the beam the crack
steadily grew up through the web. The time periadthis crack growth which began at
point C and ended at point F was 12 minutes. Taldlesummarises the different stages of

the beam test.

Region of graph in Beam behaviour Duration Time from start of
Figure 3.17 test (min:sec)
Oto E Elastic loading. linear load/ | 3min 30sec 0:00 - 3:30

displacement behaviour.
Yielding of mid-section of
EtoC beam. Graph deviates from | 40 sec 3:30-4:10
linear behaviour. Reaches max
load of 283kN.
Sudden crack at load 283kN
CtoD followed by a small amount of 40 sec 4:10 — 4:50
strain hardening.
Fall in load carrying capacity
DtoH because of sudden crack 10 sec 4:50 - 5:00
extension. Crack becomes
clearly visible. 63mm long.
Some plastic flow and strain
Htol hardening leading to small and20 sec 5:00 - 5:20
short-lived gain in load
carrying capacity.
Extensive region of steady
ltoF crack growth. Loss in section| 10min 50sec 5:20 - 16:10
ultimately leading to loss in
load carrying capacity. Crack
wide open at end of test.
Total time of test; 16 min. 10 sec.
Table 3.1Summary of different stages in test of notchedrbea

As part of a previous academic project (Steude 2a8e load / strain diagram for the top
flange of the un-notched beam was determined ms#me loading arrangement. This has
been included in Figure 3.17 for comparison with tlotched beam. The graphs in Figure

3.17 show that the strain behaviour of both themed and un-notched beams was very
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similar during the regions of elastic loading anelding. However, the effect of the notch

was to reduce the ultimate failure load from 373kNhe case of the un-notched beam to
283KkN for the notched beam. In addition, the naddbeam failed at a lower value of strain
and without any appreciable degree of plastic flamg there was no warning of imminent
collapse in terms of visual deflection, prior te ppearance of the large crack at point C.
Complete collapse did not occur when the beam sugdeacked, but the beam’s load

carrying capacity was diminished by more than halbriginal value. The reason complete
collapse did not occur was because the loading imackas under displacement control.
In other words, the machine raised the beam atnstant rate regardless of whatever
cracks or load fluctuations occurred. When the beaacked there was a reduction in
applied load because the beam suddenly deflecteztetore, the load did not remain at a
high level sufficient to finish off the collapsé, for example, the collapse load had been
applied by some heavy object placed on top of g then it would have completely

collapsed. Therefore, as a structural member thialisudden crack can be taken as the
terminal failure point of the beam, even thoughthe bending test it was still partially

intact at that point.

Figre 3.18 Notched
(Photo by M.O’Sullivan 2008)



3.7  Examination of crack growth and fracture surface of Albert Hall beam.

After the initial sudden cracking of the beam testtwas halted and the beam was
unloaded so that the cracked beam could be exansafety. Before resuming the test a
movement gauge was fixed horizontally across tlaek;ras shown in Figure 3.20. This

movement gauge had only a 10mm working range bwag sufficient to produce the load

/ displacement graph shown in Figure 3.21.

\ \&\ : # -
Figure 3.19. Back of beam with crack originating from notchbiottom flange at mid span. (Photo by
M.O’Sullivan 2008)

)

Figure3.20 Movement gauge fixed across crack to measure @peking displacement as load is applied.
(Photo by M.O’Sullivan 2008)
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Crack growth after initial sudden cracking
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Figure3.21 Load / crack opening displacement diagram foragiiog of beam after initial sudden
cracking. This graph was produced by the movemaugg shown in Figure 3.20

\
Figure3.22 Beam at end of test showing extent of crack grogRhoto by M.O’Sullivan 2008)

The graph in Figure 3.21 shows that as the beamr@laaded after initial cracking the
crack did not open very much until the applied loahched about 130kN. This

corresponds to point | in Figure 3.17 and indicates point where the crack growth
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resumed. It also indicates the ultimate load cagyiapacity of the cracked beam, that is,

its capacity just after initial sudden crackingpaint C in Figure 3.17.

When the bending test was finished the beam waswedhfrom the testing machine and

taken to the saw so that the

fractured portion could be cu
away and later examined unddue™

the microscope

Figure 3.23 Broken beam after
removal from testing machine (Photq

by M.O’Sullivan 2008

Figure 34 Figure 3.
Fractured portion of beam being cut off using adosaw. (Photos by M.O’Sullivan 20p8

Figure 3.26 Figure3.27
Fractured portions of beam (Photos by M.O’Sullivad0g
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To the naked eye the appearance of the fractufacguvaries from predominantly shiny

and faceted around the flange areas to dull amdugoin the central web area.

Figure 3.28 Fracture surface of beam at bottom flange areah wredominantly shiny and faceted
appearance. The machined groove in the flangeatssnbe seen at the bottom of the picture. (Pbgto

M.O’Sullivan 2008

Examination of the fracture surface under an optiwaroscope did not produce a useful
image because of the irregularity of the surfadee Hest image that could be achieved is
shown in Figure 3.28, which was taken with an aadjrdigital camera. It is not clear why
the fracture surface has regions of two such diffeappearances. It is possible that the
shiny and faceted fracture regions resulted froeavdge of the metal across the metal
grains, whereas the dull fibrous appearance rastriben a fracture that followed an inter-
granular path through the metal. That is, the dpflearance may have been caused by the
metal tearing apart along grain boundaries, inst&fadcross the grains. One possible
reason for this may be that the metal comprisirgwtleb had less cohesion between the

individual grains.
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In wrought iron, sulphur is present as iron sulph(iEeS), but it tends to segregate from the
ferrite at the grain boundaries. Because iron sdégphas a low melting point, it causes a
lack of cohesion between the grains when the isomdated to a red-hot temperature
(Johnson 1939). This is the cause of red-shortinessought iron, the condition where the
metal cracks or crumbles when being hot workedndy be possible that the metal from
which the beam was made was red-short to some @elgven though red-shortness only
becomes apparent when the metal is red-hot, lackobésion during rolling may have
caused some lack of cohesion between the graina Wigemetal was cold. This lack of
cohesion may not be apparent on the metal surfateldstructive tests such as those
described in Section 2.1 could reveal a low quatistal. It is not clear why the web of the
beam would suffer from a greater degree of redtsbkes that the flanges.

Tensile tests conducted on plate and angle iram fiee Edinburgh GPO beams revealed a
dull fibrous fracture surface very similar to thalldfracture surface of the Albert hall
beam, and in most of those tensile tests the dyatvas quite low (< 10% elongation at
failure). This would suggest that the Albert hadbin metal was brittle.

Tensile tests conducted during previous researctherilbert Hall beam metal gave a
mean ductility of 12.1% elongation at failure frofmtests of the web metal and 15.5%
elongation at failure from 8 tests of the flangetahéKontos 1996 & Steude 2000). This
suggests that the flange metal was more ductile @ web metal.

Regardless of the tensile tests results and ofwbedifferent appearances of the fracture
surface of the beam, it is certain that the beatadan a brittle manner. If a modern steel
beam had been tested in the same way, it would Haweonstrated significantly more

plastic deformation before failure.
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3.8 Results of bending test of Albert Hall beam —realysis of strain gauge data

The purpose of this section is to present a pictdirhe stresses and strains at two cross
sections along the beam. Consider the cross sealmwn in Figure 3.29, labelled Section
1 and Section 2. At Section 1 the beam experiencdyg bending moment and no shear
force. In this region the principal stresses weygzontal. However, at section 2 the beam
experienced both bending moment and shear forcehesrincipal stresses were not
horizontal, and could only be determined by measarg of strains in three different
directions.

For Section 2 strain gauges were placed on the ldnpoints, labelled A,B,C,D and E.
Single gauges A and E were positioned on the cutdaces of the flanges. The rest were
rosette gauges placed on the web. The rosetter#t @avas placed at what was expected
to be the neutral axis, (i.e. the horizontal cadabaxis of the section). The stresses at
each of these points can be pictured on stresseaksnas shown at (a) and (b) in Figure
3.29.

STRESS ELEMENTS FOR SECTION 2

r Al
O/A —=| A |= —=| A |=—

7
7
RSP <D END A .
— B F%
AN ‘ =
E — / ~

SECTION | SECTION 2 ? F \Q/
v IO
SR T

(a) (b)

Figure 3.29 Strain gauges locations for examination of stress®d strains acting at two particular cross
sections in the beam. (a) Normal and shear stremssy on stress elements along section 2 at goint
A,B,C,.D and E. (b) Principal stresses at thasatp. All dimensions are in mm.
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The normal strains acting on cross sections 1 aatvarious times during loading of the
beam are shown in Figure 3.30. These strain gragghbnear up to a load of about 260kN.
This linear elastic behaviour is in agreement wiith load-deflection diagram of Figure
3.17. The strain graphs show that during elastiding the neutral axis coincides with the
horizontal centroidal axis of the beam, as expeftied symmetric section.

The stress distribution at cross section 2 foraa lof 90kN on the beam is shown in Figure
3.31. The graphs separately show (D) the normaks#ss, (E) the shear stresses, (F) the
principal tensile stresses, (G) the principal cagspive stresses and (H) the maximum
shear stresses, acting on the cross section. Tthefalathese graphs was derived using
Mohr's circle of stress and Hooke's law, and wasetbaon strain measurements. A
calculation example of how this stress data wasioétl is given in section 3.10. The
normal strains and the principal tensile and cosgve strains for cross section 2 under a
total beam load of 90kN are shown at (A), (B) a@{l riespectively.

In general the stress graphs (D) to (H) of Figuil Jollow expected patterns, however
there are a number of unexpected features. ltsisuctive to compare these graphs with
the ideal or expected stress graphs for a rectangudss section of the same height, which
are shown at (I) to (M) of Figure 3.31. The priradigtress trajectories for a rectangular
beam are shown at (K) in Figure 3.31. In (D) ofufeg3.31 the normal stresses follow a
linear behaviour across the cross section, as eghéom the strain diagrams. However,
the shear stresses acting on the cross sectioahwahe shown in (E) of Figure 3.31, do not
appear to have a maximum value at the mid deptheobeam as was expected. The cause
of this may be that section 2 is rather close &ltfad application point which would tend
to distort the stress distribution from the ideegdiction. A finite element analysis was
used to produce a stress contour view of the beadarua load of 90kN which is shown in
Figure 3.32. This stress contour shows a highesstregion near the load application point

which extends into the region where the strain maasured during the test.
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INCREASE IN NORMAL STRAIN AT CROSS-SECTIONS | AND 2 DURING LOADING OF BEAM
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Figure 3.30Increase in normal strain at cross-sections 12atidring loading of beam.
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MID-DEPTH OF BEAM

(»)
NORMAL STRAINS ACTING ON
CROSS SECTION 2 AT LOAD 90 KN

(8)
PRINCIPAL TENSILE STRAINS AT
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D.
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AT LOAD 90 KN AT LOAD 90 KN AT LOAD 90 KN LoAD 90 KN
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EXPECTED STRESSES IN A RECTANGULAR BEAM OF THE SAME DEPTH
Figure 3.31 Comparison of actual stresses and strains in theain with those to be expected

rectangular beam of the same depth

2, Mipee
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Figure 3.32Von Mises Stress contour plot for beam under d wfe@0kN. Stress values are in N/fam

n

A finite element analysis ABAQUS model of the beiamshown in Figure 3.32. This was a

linear elastic analysis that did not include bualbehaviour or yield.
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The principal tensile stresses shown at (F) in feg®131 have a maximum value at the
surface of the bottom flange as expected. The ipaht¢ensile stresses would be expected
to diminish going up the cross section and assurper@ value at the surface of the top
flange, as shown at (K) in Figure 3.31.

However, the principal tensile stresses take oagative value above the mid-depth of the
beam. The reason for this is again most likely une stress distortion in this region due
to its proximity to the load application point. Tk&planation is clarified by examination
of Mohr's circles of stress and strain for thatnpan the beam, which are shown in Figure
3.33. From Mohr's stress circle, at (b) in Figur@33 this point in the beam experienced
biaxial compression. However, from Mohr's straircle at (a) in Figure 3.33 the material
experienced a positive strain along the 1 direcfidms is due entirely to the Poisson effect
caused by the compressive stress along the 2 idimeshown at (d) in Figure 3.33. The
principal compressive stress along axis 1 of thesstelement, shown at (d) was too small
to overcome the Poisson effect caused by the dénger principal compressive stress

along axis 2. Therefore a positive strain resudtiemhg axis 1.

MOHR'S CIRCLE FOR STRAIN AT LOAD 90 KN MOHR'S CIRCLE FOR STRESS AT LOAD 90 KN
2 2
@ 19 -20
I P 07 -80 0
I I
@ 3 /‘ 0 3 Y, ‘
\9/* ZO/
3 N
/ *\368 / v\80
© 2 ©) 2
ORIENTATION OF PRINCIPAL STRAINS ORIENTATION OF PRINCIPAL STRESSES

Figure 3.33Mohr's circle of stress and strain for Point REeétion 2 under a total beam load of 90kN.
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3.9 Calculation exampleof stressanalysis using strain gauge rosette data.
The rosette gauges at points B,C and D are lab&IlkEdR2, and R3 respectively. R3 is

shown in the magnified view of Figure 3.34.

O OV 3
EACVA ON R ZB

| _mooePTHorBEAM _ FEVATIN - ﬁ ,,,,,, _ >

END B R ( END A STRAIN GAUGE ROSETTE R3

S ~a

E ‘ /

£, £, ande, denote the strain readings fi <§ f ’
gauges 1, 2 and 3 respectively of thgette /\ /\ 450

Figure 7.34 Beam showing location of strain gauge rosettes.

A stress element is shown oriented so that its akesilong the directions of gauges 1 and
2. This element represents the small portion obtsam to which the rosette is attached.

STEP 1: Construct Mohr's circle for strain.

The beam element is in a state of plane stresa.l@ad of 90kN the strain readings for R3

were:

€1 = 144.2 micro strain,&, = -80.4 micro strain, &3 = 194.6 micro strain,

Radius of Mohr’s circle of strain is given by:

. J(ij{y_j _ J((-SO-“)- (144-2§2+(mj2 Eq.3.1
2 2 2 2

Figure 3.35 Strain element

The straireg in any directior is given by the transformation equation for strain

V—221 sin® Eq.3.2 (Gere 1999)

£ =‘92+‘91+‘92_£1

p cos Y+
2 2
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For an angl® = 45, g5 =¢;

Therefore, &, =22 ; 2 82;91 cos 90 +y—221 sin90 Eq.3.3

Solving for y,, gives Vo =26,—E,— &, Eq.3.4
=  V,=2(194.6> € 80.4y (144.2) = 32'micro strain

Substituting this value foy,, into Eq.3.1 gives

o \/((—80.4)— (144.2§2+( 325.j2
2 2

R=197.7

Mohr’s circle of strain is constructed as showirigure 3.36.

MOHR'S CIRCLE OF STRAIN AT LOAD 90 KN FOR ROSETTE GAUGE R3
ALL NUMERICAL VALUES ARE MICRO STRAIN

14

AN
. N <<\
centre pf circle \\‘fl,_
p— =162.7\

_EtE y
2 2 \ STRAINS IN THE DIRECTION
£, =-80.4 \ THEY WERE MEASURED
£,=194.6

-165.8 0 7 229.6

PRINCIPAL
TENSILE

=+162.7 STRAIN

J

N

2 - \
N ‘
— | ! \\r\\/b/a/-%\) 3

(b) \ ORIENTATION OF
\ PRINCIPAL STRAINS
>

Figure 3.36 Mohr’s circle of strain for Rosette R3 at tob@lam load of 90kN, together with associated
strain elements. The strain element at (a) shoegyttuge readings in the directions they were medsur
while the strain element at (b) shows the magniantkdirection of the principal strains for the sgmoint in
the beam.

104



STEP 2: Use Hooke’s law to determine principal stresses

Using Hooke’s law the principal stresses associaiédthe principal strains may be found

as follows

(ex +V€y) o,= 1 E 5 (Ey +V€X) Eq.3.5a, b (Hooke’s law)

0':
X -V

1-V?

For wrought iron, modulus of elasticity E = 200%Ménm? and Poisson’s ratig = 0.3.
Using the values of maximum and minimum strain figlohr's strain circle (Figure 4.32)

the principal stresses are calculated as follows:

Op, = 200<10 Nmm?(229_59< 10°+ 0.3¢ 165.79 1%)) = 39.5Nmnf
1-(0.3y
g, =200 10 Nmmz(—165.79< 10°+ 0.3(229.59 1%)) = -21.3 Nmnif
P2 1-(0.3y

The maximum shear stresses are found by constgubtohr’s circle for plane stress, as

shown in Figure 3.37.

MOHR'S CIRCLE FOR PLANE STRESS AT LOAD 90 KN

All numerical values are in N/mh

—
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Figure 3.37 Mohr's circle of plane stress for Rosette R3 thgewith associated stress elements.

105



3.10 Testing of the Edinburgh GPO beams - Objectiwe

Two sets of tests were carried out on these belantise first, the beam was tested without
the timber planks, and in the second set of tekts,beam was tested with the timber
planks still bolted to the iron web. The case whbeebeams had no timber attached will
be considered first. A more thorough investigat@nthe beam in this condition was
possible because strain gauges could be appliedtigito the metal web of the beam.

To fully investigate the behaviour of the beam, tlwadings were carried out. The first
(Test 1) involved loading the beam within the atastnge. The second (Test 2) consisted
of loading the beam all the way to failure. By kiegpthe beam within the elastic range for
the first loading test no strain hardening of thatenal occurred. Therefore, the second
load test was not tainted by the previous test.

The primary objective was simply to observe howlibam physically responded to heavy
loading. Would the beam break in a brittle manrsewdh the Albert hall beam or would it
exhibit plastic deformation like a modern steel ro@alateral and vertical deflection
gauges were placed against and under the beamnitommovement during testing. These
are shown in Figure 3.39. Another objective of thsts was to determine the stresses at
various cross sections along the beam. This wag\agh by the use of strain gauges, the
locations of which are shown in Figure 3.38.

The timber planks of European redwood (red dealjirinown grade were fixed to the
web plate of the beam with wrought iron bolts ohté diameter staggered above and
below the mid level of the beam as shown in FigBu2 and Figure 3.43. The overall
horizontal spacing of the bolts was 610mm.

3.11 Arrangement of strain gauges

Because the beam under consideration was builrom fangles and plate, the stress
trajectories were likely to be quite different frahrose for an I-beam rolled from a single
piece of metal. In a built-up beam, the stressésd®n angles and plates are transferred by

means of rivets in shear and tension, and by dmnctietween contact surfaces.
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Figure 3.39Deflection gauge arrangement for testing of EdightGPO beam. Span of beam = 2660mm
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The testing arrangement for the Edinburgh GPO be#hout timber is shown in Figure

3.40

Y 4 .
qlvl

4 -

-

Figure 3.40Testng arrangement for Edinburgh GPO beam. Tt fiace of the beam shown here will also
be referred to as the right-hand side of the béRhmto by M.O’Sullivan 2008)

3.12 Results of bending tests of Edinburgh GPO beam- deflection behaviour

The first test of the beam without timber involMedding it up to 135kN, which kept the
beam well within the elastic range. The beam wiititber attached was also tested within
its elastic range. The load / vertical deflectiaagdams at mid-span for both beams are
shown in Figure 3.41 and indicate that the loadindpoth cases followed a linear path,
which confirmed that the loading remained withire thlastic range. The diagrams also
indicate that the beams did not fully return toithaiginal positions. This should be
ignored, because it is due to settling down oftteam on the supports after the application
of some load. The beams were not perfectly flathenroller supports because the bottom
flanges were slightly twisted and uneven. In congoar with the Albert Hall beam it is

clear that the Edinburgh beams were not made teahe degree of geometric precision.
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load / vertical deflection diagrams for Edinburgh beams
250

200 - ]

150 1 P ;///
/‘/
100 A - /

—e— |oad / vertical deflection diagram
for beam without timber Test 3

—a— |oad vertical deflection diagram
for beam with timber Test 5

Load (kN)

50

0 0.5 1 1.5 2 25 3 35 4 45
Vertical deflection (mm)

Figure 3.41Vertical deflection of bottom flange of Edinburghams at mid-span, for loading within the
elastic range (Test 1)

It is reasonable to expect a greater degree aofutagity in shape in a beam made by
riveting together angles and plates, than in a bedlied in one section.

The graphs in Figure 3.41 indicate that the beath tinber attached was slightly stiffer
than that without timber. However, the stiffnesstlué beam with timber is not so much
greater as to indicate that the timber was addeshi@nce stiffness or strength. It is more
likely that the timber was added solely to provgteunds for receiving the timber floor
joists spanning between the beams. In addition,ughger flange may have been made
narrower than the bottom flange in order to allbw timber joists to be dropped into the
chiselled notches. The joists were dovetail notahéal the timbers attached to the beams.
It is highly likely that the notches were not cutop to erecting the beams. Instead the
notches were chiselled out when the beams werkage pn the building. This would allow
the timber joists to be accurately laid out. If ihen beams had wide upper flanges they
would obstruct placement of the timber joists. (Deam cross section is shown in Figures

3.42 and 3.43).
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Figure 3.42Drawing of beam cross section by George Robettddact 9th 1859. This drawing is housed
in the National Archives of Scotland in Edinburgh.
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Figure 3.43Edinburgh GPO beam cross section (All dimensiansin).
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The bottom flanges of cast iron beams were oftedemaider than the upper flanges
because cast iron is weaker in tension than in cesspn. It was clear to engineers of the
time that wrought iron did not suffer from such iffeslence in tensile and compressive
strength. In 1859, the same year that construétemgan on the Edinburgh GPO, the Board
of Trade in Britain imposed a value of 5 toA/{@7 N/mnf) as the maximum design stress
for wrought iron members in railway bridges. Thalue was used for the designing of
both the top and bottom chords of wrought iron gisd(Colburn 1863). This would

suggest that engineers of the time considered viataugn to be equally strong in tension
and compression. Therefore, there would have beeread for the Edinburgh GPO beams
to have a wider bottom flange other than to avemtiéring placement of the timber floor

joists.

During the tests lateral deflections were monitaethe 4 locations shown in Figure 3.39.

The test within the elastic range gave the reshitsvn in Figure 3.44.

Lateral deflections of beam without timber for loading within elastic range

140

T4

\
\\
== AR VA
] o] N\ /\
—= ~2]

-14 -1.2 -1 -0.8 -0.6 -0.4 -0.2 0 0.2 0.4
Lateral deflection (mm)

Load (kN)

Figure 3.44Lateral deflections of beam without timber for loegup to 135kN. (Loading within elastic
range — Test 1). See Figure 4.39 for deflectiorggdacations.
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Let the front face of the beam, which is shown iguFe 3.40, also be know as the right-
hand side of the beam. In Figure 3.44 deflectioith & positive sign indicate movement
toward the right and deflections with a negativeugandicate movement toward the left.
As indicated in Figure 3.45 the beam twisted shghthile under load. However, the
magnitude of the lateral deflections during loadofgthe beam within the elastic range

were negligible.

TEST | MAXIMUM LATERAL DEFLECTIONS
GAUGE No. DEFLECTION (MM)
C2l -0.1
C23 -1.3
C25 0.3
cz27 -0.4
C33 0.1
C35 -0.2
Cc37 -0.1
C39 -0.8
END A
==2 i 9 = c23
c35 ===
C33 7
S A = =
SECTION A SECTION D SECTION C SECTION B
(AS VIEWED FROM END A) MID-SPAN LATERAL DEFLECTION (AS VIEWED FROM END A) (a8 c A
(AS VIEWED FROM END A) AS VIEWED FROM END

Figure 3.45Lateral deflections of four cross sections of leam without timber, for loading up to 135kN.
(Test 1 - Loading within elastic range). DeflecBoof cross sections have been exaggerated fotrdtien
purposes. Negative deflection values indicate margnoward the left-hand side of the beam as viewed

from End A.
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In the second test, the beam without timber wadddaall the way to failure. The most
obvious difference between the built-up Edinburghrb and the Albert hall beam was that
the built-up beam experienced buckling and sigaiftqohysical distortion during testing to
failure. Buckling was the ultimate failure modetbé built-up beam, however the beam
yielded within the vertical plane prior to buckling

The load / vertical deflection diagram for the tesfailure of the beam without timber is
shown in Figure 3.46. The graph for the test of tlkam with timber is also shown for
comparison. However, the test of the beam with éimlwas not carried out to failure
because is was planned to use this beam for masnsije test specimens. Loading of the
beam with timber was kept within the elastic rasgeas not to strain harden the material.
For the beam without timber there was no cleardymint. The graph shown in Figure

3.46 seems to remain linear up to about 300kN ared dhot deviate very much until after

about 400kN.
load /vertical deflection diagrams for edinburgh beams (gauge 29)
600 | [ [
Buckling began here
500 T
400 A
z \l
=
- 300
g /)
-
200 load / vertical deflection diagram
forbeamwith timberTest 6
load / vertical deflection diagram
100 / forbeamwithout timer Test 4
0
0 5 10 15 20 25 30 35 40 45 50
Vertical deflection (mm)

Figure 3.46 Test 2 -Vertical deflection at mid-span of bottom flangeEafinburgh beam without timber, for
loading to failure.
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There is an irregularity in the vertical deflectignaph of Figure 3.39 at point A. This
occurred when one of the rivets in the bottom feasgapped in half and a crack occurred
at that location in the bottom edge of the webepldthis can be taken as the ultimate
failure point of the beam and occurred at a load&8kN. The angle iron making up the
bottom flange did not show any signs of fractureghat location of the crack in the web
plate. However, this point in the beam experiengeiignificant amount of distortion due
to buckling and it was this buckling which causked tivet to snap in tension. The location
of the web plate crack and snapped rivet is shawrigure 3.47. When this region of the

beam began to buckle gaps began to open up betiveamgle iron and the web plate.

This rivet snapped.
The web plate also
cracked here.

Figure3.47 Test 2 —Test to failure of beam without timber. The froaté of the beam is shown here. End
B is in the foreground. (Photo by M.O’Sullivan &)0

This put the rivet into extreme tension. Followihg failure of the rivet and the associated
crack in the web plate, the angle irons may havested crack propagation in the web
plate by holding the bottom of the beam togethéatimay be why the beam continued to

carry an increasing load after point A in Figurd&.However, by this time the beam had
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buckled significantly, and so, had lost the geoimdorm needed to carry a vertical load.

That is why the load carrying capacity diminishencgly after point A in Figure 3.46.

The ultimate distortion of the beam is shown

Figures 3.49 and 3.50. The upper chord assumed &
shaped form along its length with significant late
deflection. In addition, the web bent over as shaw
Figure 3.48. Once this happened the applied I
tended to press the upper chord sideways so tha % "
could no longer adequately resist vertical loadisT
resulted in the downward curve of the load / vaiti

deflection diagram in Figure 3.46

Figure 3.48 Test to failure of beam without timber. Significa
buckling as seen from End B of the beam. (Photo
M.O’'Sullivan 2008)

In examining the lateral deflections of the beammirdy the test to failure, two stages
became apparent. The first stage, in which therdhtdeflections were very small,
consisted of loading the beam within the elasticgea When the load reached about
300kN, there was an abrupt and significant chandsth magnitude and direction of the
lateral deflections, which corresponded to the boséuckling. The onset of buckling is
indicated in Figure 3.46. The lateral deflectioamrs of the beam without timber, for the
test to failure, are shown in Figures 3.51 to 3B&ch Figure contains two graphs of data

points and corresponds to one of the four locatadosg the beam, shown in Figure 3.39.
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Figure 3.49 Close-up of distorted top flange. Viewed
from above. (Photo by M.O'Sullivan 2009) Figure 3.50 Beam after test to failure
(Photo by M.O'Sullivan 2009)

The final buckled shape of the beam is shown imf@@.49, and 3.50.
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Lateral deflections of beam without timber for loading to failure

/ ' ——c21
—co3

—C25
c27
C33

Load (kN)
/

—C35
—C37

——C39

-3 -2 -1 0 1 2 3 4 5

Lateral deflection (mm)

Figure 3.51. Lateral deflections of four cross sections of deam without timber, for loading to failure.
(Test 2). Extreme distortions occurred between Hb@kd 500kN. Negative values indicate movement

toward the left-hand side of the beam as viewenhfemd A.

Lateral deflections of beam without timber for C39
loading to failure (Section A) l ’ -

[

§, 300
§ SECTION A
3 — (AS VIEWED FROM END A)
00 — C39 |
Figure 3.52 End A of beam showing
130 | movement gauges (M.O’Sullivan 2009)
-1.5 -1 -0.5 0 0.5 1
Lateral deflection (mm) Figure 3.53 Lateral deflections of

Section A, for loading to failure.

The graph for gauge C37 in Figure 3.53 shows thatdeflection of the bottom of the
beam at section A was negligible. This was becafiske frictional restraint provided by

the roller support at that location. Initially thpper part of the section deflected toward the
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left but when buckling occurred at around 300kNmibved to the right and ultimately

assumed a slightly deflected shape in that directio

For section B there was negligible movement at

o paobiiad

support point. Initially the upper part of the sewct
deflected toward the left but when buckling occdrag¢

around 300kN it moved to the right and ultimate

cal
assumed a significantly deflected shape in t ’ I

BEFORE AFTER

direction as shown in Figure 3.54.

SECTION B
(AS VIEWED FROM END A)

Figure 3.54 Lateral deflections of Section B, for loading &ildire.

Lateral deflections of beam without timber for loading to failure (Section B)

=
~ 300
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© ~ -
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Lateral deflection (mm)

Figure 3.55 Lateral deflections of Section B, for loading &ildire.

Section D is located at mid-span and its movemmmisga good indication of the degree of
lateral restraint provided by the solid steel ayéirs used to apply the load to the beam. As
shown in Figure 3.57 lateral movement was minimaltie entire elastic range of loading.

The frictional restraint prevented buckling for rhuaf the test to failure. But ultimately
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buckling occurred as shown in Figure 3.50. The piatph of Figure 3.58 clarifies what

happened to this section.

Lateral deflections of beam without timber for

loading to failure (Section D) C?S j I—J C\ rJ

e e

500 -

5 s
u Sl

z 300 - BEFORE AFTER
3 ——C33 SECTION D
S c35 MID-SPAN LATERAL DEFLECTION
200 (AS VIEWED FROM END A)
Figure 3.56 Lateral deflection of
Section D, at mid-span.
100 |
| : :
; 07 Figure 3.57 Lateral deflection of
-15 -1 -0.5 0 05 1 Section D, at mid-span

Lateral deflection (mm)

Section D
deflection gauges

Figure 3.58 Lateral deflection of Section D, at mid-span. Jalygege and corrosion of the end of the beam
was caused by cutting torch during demolition drehtexposure to the elements after removal from
Edinburgh GPO. The Royal Albert Hall beam was odehgth on a bandsaw producing a clean edge.

Section C is located half-way between the supmdierrat End B and the adjacent applied
load point. This cross-section twisted clockwise (eewed from End A) but also deflected

toward the right as a whole. The reason that teeltefor gauge C25 in Figure 3.59 show
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only a small amount of movement is because thesectwnponents of movement tended
to cancel each other at the probe point of theedifin gauge. The upper part of the

section buckled significantly toward the right &swn in Figure 3.50

Lateral deflections of beam without timber for loading to failure (Section C)
500 s
N T S e
' /
vt 400 e
/ /
J
2 j 200 J/
< 00
3 AN / ——C25
o \
| AN / —c7
A [ 200
N )
Y
- 100
Q
S :’ﬁE::
-1 -0.5 0 0.5 1 15 2 25
Lateral deflection (mm)
Figure 3.59 Lateral deflections of Section C, for loading &dldre.
(2] cir—
BEFORE AFTER
Figure 3.60 Lateral deflection of Section C, for SECTION L
loading to failure. (AS VIEWED FROM END A)
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3.13 Analysisof strain data from Edinburgh GPO beam tests

The load / strain graphs for the top and bottom surfaces of the GPO beam, with and
without timber attached, are shown in Figure 3.61. It can be seen from Figure 3.61 that for
a given load the top flange strains were greater than the bottom flange strains. This is
because the neutral axisis closer to the bottom flange. Comparing the bottom flange strains
of the two beams it appears that the beam with timber attached was a little stiffer than that

without timber. Thisis aso evident by comparison of the top flange strains.

550

Mid span strain
(loading only)

500
450

400 / /
350 / /

300

Load (kN)

250

200 -

150 4

100

Bottom flange, mid span, without timber
Top flange, mid span, without timber
Bottom flange, mid span, with timber
Top flange, mid span, with timber

50

0 500 1000 1500 2000 2500 3000 3500
strain = micro strain x 10°®

Micro strain

Figure3.61 Load /strain diagrams for testing of Edinburgh GPO beam, with and without timber.

The graphs in Figure 3.61 aso indicate that buckling began at about 400kN. The beam
with timber attached was not loaded beyond 300kN to avoid strain hardening the material.
The beam without timber was loaded al the way to failure. Only the loading phase of the

tests are shown in Figure 3.61.
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3.14 Conclusionsfrom beam tests

Elastic loading of the notched Royal Albert Hall beam (see Figure 3.8) indicated that it was
stiffer than the un-notched beam. This was unexpected as a notch should reduce the
stiffness of the beam. The most likely cause of the difference between the two
experimentally generated graphs in Figure 3.8 may be due to the fact that the graph for the
un-notched beam was generated by measurement of machine movement, which is
controlled by a hydraulic system that is not perfectly stiff. In effect, the graph for the un-
notched beam resulted from the combined flexibility of the beam and the hydraulic system,
giving the appearance that the un-notched beam was less stiff than the notched beam. The
graph for the notched beam is more accurate as it was produced by direct measurement of
the deflection of the beam. The expected lower stiffness of the notched beam is evident

when compared with the theoretical elastic deflection graph for the un-notched beam.

The aim of inducing a crack originating from the notch proved successful despite the fact
that the finite element analysis of the notched beam, conducted prior to testing, showed
very little stress elevation around the notch (see Figure 3.32). The reason for inducing
cracking at the notch was to enable more control over the manner of failure. The idea was
to witness cracking of the beam through the general material of the beam rather than
preferential cracking through some interna flaw, such as alarge slag inclusion. From the
sudden cracking of the beam, under a slowly applied load, it is clear that the beam was
quite brittle. The un-notched beam also failed in a sudden and brittle manner. Throughout
the bending test of the beam lateral deflections were insignificant and loading to failure
occurred within the vertical plane. Thisis not surprising given the brittleness of the beam.
A ductile beam would exhibit considerable |ateral and vertical deflection before failure and
would ultimately buckle laterally as occurred with the Edinburgh GPO beam.

The graphs in Figure 3.17 show that the strain behaviour of both the notched and un-

notched Royal Albert Hall beams was similar during the regions of elastic loading and
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yielding. However, the test results indicate that the effect of the notch was to reduce the
ultimate failure load from 373kN in the case of the un-notched beam to 283kN for the
notched beam. In addition, the notched beam failed at a lower value of strain and without
any appreciable degree of plastic flow, and there was no warning of imminent collapse in
terms of visual deflection, prior to the appearance of a large crack. All of these
observations lead to the conclusion that these wrought iron beams from the Royal Albert

Hall were brittle, and therefore unsafe for continued use.

The Edinburgh GPO beam exhibited considerable deformation during testing indicating
that it possessed considerable ductility, typical of good wrought iron. The graphs in Figure
3.41 indicate that the beam with timber attached was dlightly stiffer than that without
timber. However, the stiffness of the beam with timber was not so much greater as to
indicate that the timber was added to enhance stiffness or strength. Lateral torsiona
buckling was the ultimate failure mode of this built-up beam. Using BS5950, the buckling
resistance moment of the beam was calculated to be 49.7kNm which would mean that the
load at which lateral torsional buckling would be expected to occur would be 97kN.
However, buckling occurred at a higher value, as indicated in Figure 3.46, this may have
been due to partial localised horizontal restraint of the compression flange provided by the
friction between the two load application points and the top flange. Had full lateral
restraint been provided along the entire length of the beam then lateral torsional buckling

would have been avoided.
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Chapter 4  Mechanical tests on wrought iron samples

4.1  Tensletesting of wrought iron samples

For this research project 20 tensile tests weraletied. Two types of specimen shape
were used. Seven round test pieces were turned baiiron. The remaining 13 test
pieces were machined from flat iron to form piecdsrectangular cross section. The
shapes and sizes of the test pieces are showngureF4.1 and Table 4.1. Both test
specimen shapes comply with British Standard END26D2001

Wrought iron from three types of structural companeere tested. These were, plate iron,
angle iron, and bolt iron, all from the Edinburgl?@ beam. (see Chapter 3). The rivets
from the beam were too short to make desirableléetest pieces. In order to measure
modulus of elasticity and obtain an accurate stsé's8n relationship, a gauge length of
50mm was necessary, so that an extensometer ceudghdlied. This was not possible as
the rivets were only 50mm long. However, the rivgtse tested in shear. The rivet tests
are discussed in section 4.7.

Of the 13 flat test pieces 8 were selected foirtgaising a rosette of three strain gauges
fixed to the middle of the piece as shown in Figiz The purpose of this was to enable
measurement of Poisson’s ratio.
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126 15

Figure4.1 Shape of tensile test pieces
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Specimen| Shape of | Source Area of Gauge | Parallel
name cross of test | Width | Thickness| Diameter| cross section] length* | length
section piece
(mm) (mm) (mm) (m) (mm) | (mm)

Al Rectangular, Angle 19.9( 8.33 165.8 50 100
A2 Rectangular, Angle 19.9( 8.33 165.8 50 100
A3 * Rectangular) Angle | 19.98 8.33 166.4 6 100
A4 * Rectangular) Angle | 1991 8.31 165.5 6 100
A5 = Rectangular| Angle | 1997 8.29 165.6 6 100
A6 * Rectangular] Angle | 1992 8.35 166.3 6 100
P1 Rectangular Plate 19.95 8.33 166.2 50 100
P2 Rectangular Plate 19.89 8.31 --- 165.3 50 100
P3 Rectangular Plate 19.80 8.28 --- 163.9 50 100
P4 * Rectangular| Plate 19.76 8.30 - 164.0 6 100
p5 * Rectangular| Plate 19.87 8.27 - 164.3 6 100
P * Rectangular| Plate 20.05 8.33 - 167.0 6 100
p7 * Rectangular| Plate 19.94 8.36 - 166.7 6 100
B1 Round Bolt 9.72 74.20 50 55
B2 Round Bolt 9.81 75.58 50 5%
B3 Round Bolt 9.67 73.44 50 5%
B4 Round Bolt 9.96 77.91 50 5%
B5 Round Bolt 9.87 75.51 50 5%
B6 Round Bolt 9.94 77.60 50 5%
B7 Round Bolt 10.00 78.54 5( 55

Table4.1 Summary of physical dimensions of tensile sgsEicimens. Specimens with the symbol * had a
rosette of strain gauges attached for which theggdength was 6mm, while the other specimens had a
extensometer attached with a gauge length of 50Mintest pieces came from the Edinburgh GPO beam.

In all the tests, load was applied by stretchirggghecimens in an INSTRON 4507 testing

machine at a steady rate of Imm/min. In the

case of one of the rectangular specimens W
strain gauge attached, the test proceeded

shown in Figures 4.2 to 4.4.

Figure 4.2

Arrangement of rosette strain gauge

rectangular specimen T2 at start of test.
(Photo by M.O’Sullivan 2009)
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After 3mins 30s the bar entered the plas

range and after a total time of 4mins 56s
stretched too much for the glue to hold t

connections in place.

Figure 4.3 Test bar T2 near end of test (photo &
M.O’Sullivan 2009)

The entire elastic range of the test was recorééar® loss of the strain gauge.
The greatest elongation occurred after the matenstred the plastic range of loading.
Even though the gauge failed before the bar brbieetésting machine measured the

ultimate failure load. The arrangement for the

round tensile test pieces is shown in FigJ
4.6. The results of all tests are summariseo

Table 4.2.

Figure 44  Ultimate failure occurred 5mins 58se
after the start of the test. (photo by M.O’SullivaB09)
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Photographs of tensile testing of round test piatade from wrought iron bolts.

Figure 4.5 Test arrangement for round specimen Figure 4.6 Close-up of test piece showing
extensometer attached

Figure4.7 Test piece after removal of extensometer. Figure 4.8 Test piece after fracture showing
necking at fracture site.
(All photographs by M.O’Sullivan 2009)
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4.2 Results of tensiletests

Name Shape of | Source | Yield Ultimate | Modulus | Poisson’'s| Shear Reduction | Ultimate
cross of test | strength | strength of ratio modulus | of area at strain
section piece elasticity fracture
(N/mnf) | (N/mn?) | (N/mn?) (N/mnrP) % %
Al Rectangular| Angle 249 296 145403 -- -- -
A2 Rectangular| Angle 250 346 185345 -- -- 185 .012
A3 * | Rectangular Angle 198 341 166870 0.p1 68693. 20.2 -
A4 * | Rectangular Angle 223 342 201073 0.p7 78997. 20.7 -
A5 * | Rectangular Angle 247 358 177321 0.p7 69882. 21.5 -
A6 * | Rectangular Angle 256 356 181406 0.p5 72770. 255 -
Mean 237 340 176236 025 | 728561 213
Standard deviation 22 23 18794 4474 2.6
Characteristic value 189 291 135264 — | 60785 152
P1 Rectangula Plate 247 316 143955 - - 11.9 4 7
P2 Rectangula Plate 251 300 169783 - - 8.2 5.4
P3 Rectangula Plate 254 308 130033 - - 8.4 5.3
P4 * | Rectangulal Plate 264 334 194641 0[22 79480. 9.3 -
P5 * | Rectangula Plate 261 325 184523 0(24 7853. 8.4 -
P6 * | Rectangula Plate 255 324 174686 0{25 70088. 9.9 -
P7 * | Rectangula Plate 249 316 176817 0{25 70593. 9.1 -
Mean 254 318 167777 024 73502 9.3 6.0
Standard deviation 6 11 22832 4349 1.3 1.2
Characteristic value 241 293 118917 — | 62155 6.6 20
B1 Round Bolt 267 368 21266P -1 -t- 28.2 23.7
B2 Round Bolt 263 398 19886p -1 -t- 27.9 21.§
B3 Round Bolt 286 375 19380p -1 -t- 31.6 23.9
B4 Round Bolt 288 390 18896| -1- -t 42.7 25.0
B5 Round Bolt 271 414 189433 -1- -t 34.3 29.9
B6 Round Bolt 272 389 18416| -1- -t 36.4 26.9
B7 Round Bolt 285 398 183968 -1 -t- 39.3 26.9
Mean | 276 390 193124 343 25.1
Standard deviation 10 15 10086 5.6 25
Characteristic value 254 357 171540 224 19.8

Table 42 Summary of tensile test results. Specimens with dymbol * had a rosette of strain gauges
attached which enabled measurement of Poissoria rall test pieces came from the Edinburgh GPO
beam. Test specimen Al failed in the jaws of tiséing machine hence the absence of a ductilityltresu

For calculation of characteristic values of maltenqoperties Eq.4.1 is used. The
characteristic value is the value below which 5%hefresults are expected to lie.

Xpw = X—ko  Eqg.4.1 (Bussell 1997)
where X = mean value

o = standard deviation from mean

k = factor depending on numbésamples tested (see Table -

No. of samples | 3 4 5 6 8 10 20 |
k 3.37 263 | 233| 218 200 192 176 1.64
Table 4.3 Relationship between 'K' factor and number of damBussell 1997)
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The stress-strain graphs for some of the tenssks tested in Table 4.2 are shown in Figure
4.9. These graphs are obviously very congestetkftire a smaller number of graphs have
been selected for closer examination. and are showigure 4.11. However, Figure 4.9
has been presented to show the differences inatkistrain and ultimate strength between
the round test pieces and the rectangular onesnltbe seen in Figure 4.9 that the round
test pieces, which are bolt iron (with symbol BRigure 4.9) experienced much higher
ultimate strain and had somewhat higher ultimatength than the rectangular test pieces
(with symbol A for angle iron and P for plate iroil) effect, this means that the bolt iron
was much tougher than the plate or angle iron. finags is the energy absorbed up to the
point of fracture, which in equal to the area unther stress strain curve. The reason for
this difference may be that bolt iron underwentagge refinement in the puddling and
rolling process. Greater refinement reduces thg abeatent and makes the remaining slag
inclusions smaller and more even dispersed. Howa@vehe case of two of the round test
pieces, large slag inclusions were present and weeesize sufficient to cause the test

pieces to split. This is discussed further in secd.3.

stress-strain diagrams from tensile tests
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Figure 4.9 Stress strain graphs for tensile tests descrin8@dble 4.2
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During plastic deformation the sides of the flat teieces drew inward in the middle more

than at the corners as shown in Figure 4.10.

J UNIFORM RADIAL CONTRACTION
/ / OF ROUND SPECIMEN

e ORIGINAL SHAPE

R SHAPE AFTER FRACTURE

TENSILE TEST SPECIMEN PI TENSILE TEST SPECIMEN B4

Figure 4.10 Deformation of cross section of test pieces attfna site.

Of the test results listed in Table 4.2 not althd stress-strain graphs have been presented
because eight of the test pieces had rosette gimiges attached, which fell off before
fracture, thereby preventing a stress-strain piotthte point of failure. However, the

ultimate strengths were measured and are givealteT4.2.

The most important part of the stress-strain diagrs the portion up to yielding of the
metal. Therefore, a close-up of the elastic portibthe stress-strain graphs of Figure 4.9 is
shown in Figure 4.11 for one sample of each compiotype. Generally the elastic regions
of the graphs follow a similar slope which mearntelivariation in the value of elastic
modulus. However, there is an obvious differencéhanvalues of yield strength between
the round specimens and the rectangular ones. dira rtest pieces follow a relatively
similar trend with a yield stress above 250N/mwhereas graph P6 in Figure 4.11, for the
rectangular test piece clearly deviates from aalirteajectory at about 170N/nfmAt this
point the rectangular test piece began to yieldvéler, it completely yielded just above
250 N/mnf. All of the graphs for the rectangular test piedesiated from linearity before
the round test pieces did so. This indicates thhtifon is stronger than angle or plate iron,

but the shape of the test specimen may also hawelmated to this result.
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Partial stres-strain graphs for one test of each component type
(Plate, Bolt and Angle)
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Figure 4.11 Partial stress-strain graphs for one test of eachponent type.

4.3  Ductility of tensile specimens

Both the rectangular and round test pieg
experienced obvious necking at th
fracture site. Both the ultimate elongatig

and the reduction in cross sectional arg

expressed as percentages were used : )
slag inclusion

viewed edge-
on

measures of ductility and are included

Table 4.2. The degree of necking of one
the round test pieces is shown in Figu
4.12. This particular test piece had a lo
slag inclusion, which in the photograph,
shown edge-on and appears as a bl

streak along almost the entire length of t

piece. Figure 4.12 Tensile test piece with long slag inclusion. (hoy M. O’Sullivan 2009)
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In another round test piece, shown in Figure 4td®, splits formed in the longitudinal

direction along two long flat slag inclusions. Thape of these inclusions is a
consequence of the rolling action during manufactdthe compression from the rolls
causes the liquid slag to spread out flat, formangroad separation of the metal. Wide
inclusions, such as these, provide planes on wthiehmetal can easily slip under high

tension, hence the formation of the splits.

Figure 4.13 Test piece with longitudinal splits. (Photo by NSOllivan 2009)

Usually small components such as bolts and rivetewighly refined to avoid such large
slag inclusions. The round test pieces were tufm@a 5/8in (15.8mm) diameter bolts.
The maximum diameter was left on the bolts whenmmiieg the test pieces in order to

minimise the detrimental influence of slag incluso

This particular example demonstrates why the lowigial direction of structural

components normally followed the direction of nodji Had the inclusion been across the
bolt rather than along it, fracture would have goet much more easily. In the case of the
web plate of the beam the directionality of theyslaclusions showed that the longitudinal

direction of the beam was along the rolling direwti
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The tensile test pieces exhibited narrowingp=t
the fracture cross section as shown earlier
Figure 4.10. This can also be seen in Figy
4.14. However, there was also a mark
difference in the surface texture of the te
pieces after testing. This can be seen in Fig
4.14 where the surface of the metal h
become rough. This was caused by rad
contraction, which the round test piecs
experienced as they were stretched.

addition, it caused the surface of the metal

undergo circumferential contraction, whig

gave the metal surface a rough texture.

Figure 4.14 Stretching the test piece caused radial
contraction across the section, and circumferential
contraction of the metal surface, which gave ibagh

\ texture. (M.O'Sullivan 2009)

Figure 4.15 Radial and circumferential contraction of
round tensile test piece.
(M.O’Sullivan 2009)

There appears to be a distinct difference in thetility results of the three metal
components tested. The ultimate strain of the 8 pesces with rosette strain gauges
attached, was not measured, because the gaugebatkttaefore fracture. Therefore, the
most complete set of ductility results is the rdaucof area at fracture. From these results,
the components listed in order of increasing diigtire: Plate, Angle, and Bolt, with
mean ductility values of 9.3%, 21.3%, and 34.3%eetively. The bolt iron is clearly the
most ductile component, which is to be expecte& agimall component, as such items
would normally have been made from a higher graflenetal. That is, small metal
components would need to be made form a metahtdhsmall and evenly distributed slag
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inclusions. Refinement of the slag inclusions watseved by subjecting the metal to more

cycles of puddling, piling and rolling.

The results also show that angle iron is more tudhan plate iron. It may be, that
components which required a greater degree of fayrand shaping, needed greater care
during manufacture. Bad metal was generally spatiiethg the forming process. Red-
short iron was easily identified as it would crusmloluring hot rolling. Plate iron did not
need any special shaping during rolling and sdtiignferior metal may not have been
detected. Examination of the metal under a micnescshows that the angle iron is
generally clearer than the plate iron, in that,dhgle iron has much less slag, as shown in

Figure 4.16.
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Figure 4.16 Angle iron under x5 magnification Figure 4.17 Plate iron under x5 magnification
(Photo by M.O’Sullivan 2009) (Photo by M.O’Sulin 2009)

It is difficult to know whether or not some of thsack dots in Figure 4.17 are due to
pitting or small slag inclusions, but wherever lit@ck dots appear elongated, it is certainly
a slag inclusion. Both photographs show the mat#he left-to-right rolling direction. The

surface shown was a fresh-cut longitudinal sedtimough the thickness of the component,

SO any pitting cannot be due to rust but rathgraigshing imperfection.
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4.4  Useof strain gaugesto determine mechanical properties

The rosette gauges applied to 8 of the flat tereié® pieces enabled determination of
modulus of elasticity, Poison’s ratio, shear modubfi elasticity, and measurement of the
maximum shear stresses in the test pieces. Thi®ias concerned with demonstrating

how these mechanical properties were determinedrferof the test pieces. Consider test

piece P5 shown in Figure 4.18.

STRAIN GAUGE ROSETTE
/////Tr\%% ™ // \\\ F
/// \\\
L -\
| |
v N
e y
N

Figure 4.18 Test piece P5 with rosette strain gauge and atsalcstress elements. (M.O’Sullivan 2009)

Also shown in Figure 4.18 is a close-up of the ttesstrain gauge and two stress elements
for the point on the test piece, where the gauge a@plied. In uniaxial tension the

maximum shear stresses occur on planes orients! & the direction of applied load.
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4.5 Determination of Poisson’s ratio and shear modus of elasticity

The rosette gauge measures strain in three dinsctoisson’s ratio is the magnitude of
the ratio of the strain readings from gauges 12nchosen at any load within the elastic
range. The load-strain diagrams for all three gauge shown in Figure 4.20. At load
30kN the test piece is within the linearly elastage of the metal. At this point the strain
readings for gauges 1 and 2 were -241 micro-staaid 992 micro-strain, giving a

Poison’s ratio value of 241/992 = 0.24. Since thedulus of elasticity (E) has already
been determined from the slope of the linear portibthe stress-strain graph (E = 184523
N/mnr), the shear modulus of elasticity (G) can be dated using Eq.4.2. The complete

set of results for E, G andare given in Table 4.2.

__E  _ 184523 Nimrh _
2(1+1) 2(1+ 0.24)

74404 N/mfi Eq.4.2

E = slope of linear portion of stress/strain graph.
At 30kN axial stress = 183 N/mm?
Using this point and the origin: E = 184523 N/mm?

Stress-Strain diagram for test piece P5
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strain = micro strain x 10

Figure 4.19 Stress/ strain diagram for test piece P5
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At 30 kN
Load / Strain diagrams for rosette strain gauges on Test Piece P5 gauge 1 = -241 micro strain

gauge 2 = 992 micro strain

a
D

I
al

//J

T
3

N
q

Gauge 1
Gauge 2

/ Gauge 3

Load (kN)
/

-1000 -500 0 500 1000 1500 2000 2500

micro strain strain = micro strain x 10°®

Figure 4.20 Load / strain diagrams for the rosette gauge sipiece P5

4.6 Determination of maximum shear stresses in teits test piece

Step 1: Construct Mohr's circle of strain

The test piece is in uniaxial tension, which ispacsal case of plane stress, (i.e. uniaxial
stress). As shown in Section 4.2, the metal expee@ strain in all three perpendicular
directions. However, the presence of a steaidoes not affect the geometric relationships
used in the derivations of the strain transformmagquations for the x-y plane. Therefore,
the equations are valid even when a stsaexists.

The rosette gauge could measure strains in one maty. The difference between the
strains in the two principal directions (i.e. diieas 1 and 2) on the face of the test piece
are illustrated in Figure 4.20. The greatest stcae to the pulling force was along the
longitudinal axis of the test piece (i.e. directi@h while the transverse strain, along
direction 1, was due to the Poisson effect. Indfseussion that followse; , €, and €3

denote the strain readings from gauges 1, 2 aed&ctively, of the rosette.
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Strain elements showing the
strains measured by the

Strain gauge /I strain gauges . //
T \ AN /
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shear strainy,, =0V /\
£ andé&, are th M 3
principal strains P g =45 2>

Figure 4.21Strain elements showing the strains measuredebgtthin gauges

Under a tensile load of 30kN the strain readingeewe
€1 = -240.6 micro-strain,&, = 991.8 micro-strain,e3 = 375.6 micro-strain,

Radius of Mohr’s circle is given by:

2 2 2 2
R = (Ez_glj {QJ _ (991.8— 6240.6} +(@j Eq.4.3
2 2 2 2

The straireg in any arbitrary directiof is given by the transformation equation:

+ —
= L4, 5 Sopspr asing Eq.4.4 (Gere 1999)
2 2 2
For an angl® = 45, g =¢3
+ —
Therefore, ¢, = & 5 &% 261 cos 90 +y—§l sin 90 from Eq.4.4
Solving for y,, gives Vo =26,—E,— &, Eq.4.5

= shearstrain y,, = 2(375.6) 99%.8- ( 290.6= O

Putting this value for,, into Eq.3.4 gives the radius of Mohr’s circle: R6£6.2 micro-

strain.

£,+& _ 991.8+ (240.6) _
2

centre of circle: ¢,, = 375. Eq.4.6

Mohr’s circle of strain is shown in Figure 4.22 ébiger with two strain elements showing

the strains measured by the rosette strain gauge.
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N I

‘ Mohr's circle of strain for test
203 specimen P5 at load 30kN

2 &

-2L41 0

Under a tensile load of 30 k
£, = —241 micro strain
£, =992 micro strain
£, =376 micro strain

\

992
\ (micro strain)

centre of circle:
_E,+E, 992+ (-241)

£ =375.5

av

Strain elements showing the
strains measured by the

\/ \/

£ ande, are th
principal strains

A

W €3

5 N

=45 2

Figure 4.22 Mohr’s circle of strain for test specimen P5l@d 30kN, together with associated strain
elements. Gauges 1 and 2 of the rosette directhsuare the principal straigg ande, respectively.

STEP 2: Use Hooke's law to determine principalsstes

Using Hooke’s law the principal stresses associadédthe principal strains may be found

as follows

g, = 12 (€1+V€2) Eq.4.7a,b (Hooke’s law)
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For test piece P5, modulus of elasticity E = 184528m? and Poisson’s ratig = 0.24.
Using the maximum and minimum values of strain friMohr's circle, the principal

stresses are:

E 184523 Nmnt
o.,,= ——(&,+VE 091.& 10 + 0.24( 240% 10
P2 1—v2( 2 VE) 1- (0.24}% ( ) )
= 183 Nmnf
oo, = iz(glwgz) 184523 Nmnf (-240.6< 10 + 0.24(991:8 10)
1-v 1- (0.245
= -0.5Nmnf

This value forcp: should be taken as zero. The maximum shear stressemost easily

found by constructing Mohr’s circle for plane sggwhich is shown in Figure 4.23.

I’ The maximum shear stresses occur on planes
orientated at 45° to the longitudinal axis of the test
specimen and occur on face D of the element
which is associated with this point on Mohr's circle.

\

The maximum shear stres;
under a tensile load of 30k

is 92 N/mm

g, correspond
to this point on
Mohr's circle

/ 0 183 g |

y norma

i 45 \ centre of circle: stress
7 _0,*0, 183+ (0.0)_ . (Nimm)

| ; 2
2 2

Under a tensile load of 30 k
o, =0 N/mn?
o, =183 N/mnf

7 =92 N/mnf

Figure 4.23 Mohr’s circle of stress for test specimen P3oad 30kN, together with associated stress
elements. All units are in N/nfm
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4.7  Testing of rivetsin shear
Three rivets from the Edinburgh beam were testedomble shear using the arrangement
shown in Figure 4.24. By applying a compressivedlda the test piece the rivet

experienced a shearing force at two cross secfidressbeam was assembled using 3/4 inch

(18mm) diameter rivets throughout.

Compressive Force

|

|

Compressive Force

Figure4.24 Figure 4.25
Testing of a riveted joint in shear by applicat@fra compressive load to the test piece (M. O'Sullivah®

Figure 4.26 Extraction of
rivet test piece from beam
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Figures 4.27 and 4.28 show the progress of theagetfte compressive load increased.

i _

Figure 4.27 Onset of yielding of the rivet Figure 4.28 As the load increased to the point of
failure there was significant deformatiortiod rivet.

P

From Figure 4.28 it can be seen that as the loactased there was a tendency for the
central plate to buckle forcing apart the anglenstoThus, the rivet experienced some
degree of tension in addition to shear. Howevas, ¢iffect would have been much less in
the early part of the test when the central plateained straight. The stress / displacement
diagrams for the three tests are shown in Figu28.4Unlike the tensile test diagrams,
there were no clear yield points in any of the tritests. The initial portion of the graph
where there appears to be no significant increastréss should be ignored because it is
due to the load settling down on the test piece. f€st piece shifted in response to the load
due to slightly non-parallel machined surfaces. é€itis initial settling-in occurred there
was a steady increase of stress with increasindy lwdh a reasonably linear relationship,
up to a load of about 117kN for rivet 1, 74kN foret 2, and 87kN for rivet 3. Therefore,
the yield stresses in shear in each case were &86f\/ 145N/mnf, 171N/mnf
respectively. But it should be kept in mind tha tivet holes were not perfectly aligned

with each other and this may have affected theltsesu
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Figure 4.29 Load / displacement graphs for shear tests (M. (V8o 2010)

Lack of exact alignment of rivet holes was not umowon in 1" century ironwork. The
reason for occasional misalignment in the beam muodesideration is unknown, as some
holes are perfectly aligned while others are lesgke holes in these angles were punched
rather than drilled. The evidence for this is seethe somewhat tapered and rough holes
in both the angle and plate. Punching causes greateoval of the metal on the ejection

side of the hole than on the impact side. Thilustrated in Figure 4.30.

i
I~PUNGH —

Figure 4.30 Punching causes a tapered hole.
(Hutchinson 1879).
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Punching should not have contributed to the migalignt of the holes. The most likely

cause is lack of care while positioning the angiehe punching machine.

Rivet 1 was the only rivet tested whose holes vweoperly aligned, in both angles and
plate. That is, the rivet was straight and perpauldr to the web of the beam. Rivet 1 gave
the highest strength value, which may suggest thatorted rivets form weaker
connections. A strong riveted connection is actdewen the rivet is inserted into the
holes while it is white hot and immediately hamnaete form a domed head. A modern
example of steel riveting is shown in Figure 4.8%. the rivet cools it contracts which
causes the plates to pull together tightly. Thugoad riveted connection should establish
considerable friction between the plates and et rtself should be under some degree of

tension.

Figure 4.31 Steel riveting operation in the refurbishment @fréilio Luz Bridge, Brazil (Lamb 2008).

The deformability of white-hot iron enables rivetsform a joint even with misaligned

rivet holes, as shown in Figure 4.32, in the cdsbe®Edinburgh beam.
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Figure 4.32 Beam cross-section through riveted joint showirigatigned rivet holes (O'Sullivan 2009)

The tapered form of the rivet

holes in the plate and angles i
clearly visible in the riveted
joint cross section shown in
Figure 4.33. The manner in
which the hot deformable rivet
iron was forced to occupy the

rivet holes is also visible, so '
too is the slag pattern. Rivet
iron was usually of a more

refined grade than angle iron.

Figure 4.33 Riveted joint cross
section showing tapered rivet holes. &
(O'Sullivan 2009)
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4.8 Useof rivet strength datato estimate beam strength

11,5 ‘
[ |
N J
+ CENTROID OF UPPER HALF
167,8
350
CENTROIDAL AXIS
REA H. i
151,6
77,2
106,3
:;; CENTROID OF LOWER HALF
Figure 4.34 Cross
sectional dimensions of
Edinburgh GPO beam 1 189 |
(O'Sullivan 2009) : : e — ——
Wrought iron beam from Edinburgh GPO (Without timber)  Rivet spacing = 150mm  Rivet diameter = 18mm (All dimensions in mm)
Total Max Web Area of Density Mass Second Second Plastic
Depth Width thickness | section of iron Per moment of | moment of modulus
d b t A p metre area area Zy
Ix ly
mm mm mm mrh kg/n? kg/m mnf mnt mn?
350 189 9.6 8279 7761 64.25 150862560 6572897 139

Table4.4 Section properties of wrought iron beam fromribdirgh GPO (without timber).

If it were not for the rivets, the angles at the {@r bottom) would move horizontally
relative to the web. The force necessary to preveist

motion is the total horizontal shear force carrlad the ?f

rivets.

Let F = Shear force carried by rivet in singleahe

Take maximum strength of rivets in shear as230N/mn3

Diameter of rivets =d = 18mm

NAN
=

Spacing of rivets = s = 150mm

Figure 4.35 Bottom flange angles restrained from moving bytsve
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Horizontal shear force transmitted

vVQ

by rivets between lower flange and web e
per unit length of beam

V = shear force acting on cross section.
Q = first moment of area of lower flange about n@ltaxis (shaded area) = 406 X’
| = second moment of area of beam cross sectioutateuitral axis = 150.9 x iénn.

A = cross sectional area of bottom flange = 3118rghaded area).

Horizontal shear force transmitted
by rivets between lower flange and web  2F

over a length s of the beam. Neutral axis .
Horizontal shear force transmitted
by rivets between lower flange = =F/2 Total shaded area = A
and web per unit length of beam. 130.3mm
7
. VQ _2F 0%
l S <;/ :/> flange (shaced area)
_

oF]| 7. /\ /N
= V=— Eq.4

Qs

S S S

O O 0 O O Wﬁ—/

X X

NEUTRAL AXIS

O O O O O O

Figure 4.36 Spacing of rivets along beam.

In a simply supported beam of span L carrying &uwmily distributed load w (N/mm) the

maximum shear force occurs at the supports andes ¢py V = wL/2
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Therefore, for a simply supported beam:

wL _ 2FI
2 Qs
w = A Eq.4.!
QsL

The maximum shear force that the rivets can carfiy =t (x o/4)

2
F._ = (230N/mr )@ = 58528

Therefore, Was %
S

_ 4(58528N)(150 x 10 mf ) 576630

= = N/mm with L in mm
T (406 x 16 mm )(150mm)L L ( )

=

Eq.4.9 can be used to determine the uniformlyibisted load that will cause the beam to

fail by shearing of the rivets.

576630
6000

= 96N/mm = 96kN/m

For example if L = 6000mm thenw,, =

Because this is such a large value of load it i&kely that the beam would fail by shearing
of the rivets. The test to destruction of the beamfirmed this, as nearly all of the rivets
remained intact. Those that failed did so only beeahe beam distorted extensively due

to buckling.
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4.9  Impact fracture Testing

The purpose of conducting impact fracture tests wwagetermine whether or not wrought
iron experiences a ductile-to-brittle transitionttwdecreasing temperature and, if so, the
range of temperatures over which it occurs. Inlt6faspecimens were made for Charpy
impact testing, which included 19 specimens frome theb of the GPO beam, 18
specimens from the angle iron of the GPO beam &nsp&cimens from the flange of the
Albert hall beam. All specimens were made withgh&in along the long dimension of the

test piece, as shown in Figure 4.37.

GRAIN DIRECTION ?

3 10

+ ¢

SIS 7,9

CHARPY IMPACT TEST SPECIMEN
ALL DIMENSIONS IN MM

Figure 4.37 Charpy test specimen

Figure 4.39 Charpy test specimen
(Callister 2000)

Figure 4.38 Charpy test specimen (M.O'Sullivan)

The tests were conducted over the temperature R20J€ to 9GC. The cold temperatures
were achieved using the cold vapour rising froraitigpitrogen.

The results of the Charpy tests are given in Figu#®. For all three component types
there was a general decrease in toughness witeaiog temperature. In other words, the
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metal became more brittle at lower temperaturesvéder at ordinary environmental
temperatures such as between 20 aniC3there was no apparent difference in toughness
compared with a temperature of °@0 This suggests that wrought iron can be expdoted
break in a brittle manner at ordinary temperatufd® transition to ductile fracture does
not appear until above 20 and in the case of the Albert Hall beam metal #nedplate
metal from the web of the GPO beam, there doesmot¢ar to be any transition to ductile
fracture. In general, these results agree with Mo'gytest results conducted on wrought
iron from the S.S. Great Britain, which showed tivabught iron is susceptible to brittle
fracture by sudden impact at ordinary temperat(késrgan 1996). Morgan's results are

shown in Figure 4.41.

Impact energy / temperature curve for wrought iron

-
(o]

Albert Hall beam /,\
o— \Web of GPO beam \

D
D

—e— Angle from GPO beam
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[ = —

Energy (J)
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Figure 4.40 Impact energy / temperature curves for wrought wbtained from Charpy impact tests
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Figure4.41 Impact Energy — Temperature curve for the wrouigit of the S.S. Great Britain (Morgan
1996) with similar impact data from Walnut Streeidge (Green 1999).
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Chapter 5  Development of an assessment method for structural wrought iron

5.1 Aninitial assessment of the quality of wrought iron using tensile test data

The tests performed on the Albert Hall beam mdtésize Chapter 3) showed that a high
strength value does not necessarily indicate a gpadity wrought iron. High strength
wrought iron may have low ductility and thus maydagte brittle. In this section a method
has been proposed for assessing the quality ofghtdton, which takes into account both
strength and ductility. A new parameter called‘thelity score’ (Q) for wrought iron has
been defined, in terms of a combination of streragtt ductility. Each tensile test result
has been assigned a quality score, which can beamaah with a lower bound quality
score, in much the same way that one would comiperdensile strength from a single
tensile test with the characteristic tensile sttenghe purpose of developing a quality
score is to try to bring together strength and ititycinto a single quantity that will enable
engineers to rank the quality of a metal agairstade of quality values from a database of
test results. Toughness, being the area undermestiess-strain graph is a quantity that
incorporates strength and ductility, and would sdenbe the best measure of quality.
However, most historical sources simply list theslgi and ultimate strengths and
elongation at failure (i.e. ductility) and not tlgl stress strain relationships, and thus
provide insufficient data to determine a toughnesige. In order to make use of the large
number of historical tensile test results, in threation of a measure of quality, the
measured strength and ductility may be combinedannarbitrary way into a single

numerical quantity that may act as an alternatieasuare of quality to that of toughness.

5.2 (a) Definingaquality scorefor wrought iron

The quality score will be defined by means of aamegle. Consider a tensile test on a
sample of plate iron where the results are asvallo

Yield strength o, = 253 N/mn

Ultimate strengthoy: = 381 N/mm
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Elongation at failureg,; = 25% (This is the measure of ductility. It letfailure strain

expressed as a percentage)

The quality score is defined in terms of these tjtias. The question which must be
considered first is, how significant to the qualitythe metal are each of these factors. It
can be argued that ductility is just as importamtithhie quality of a metal as strength.
Therefore, 50% of the quality score will be based ductility and 50% on strength.
However, strength has two values, so it must b&ddddow significant these two values
are to the quality of the metal. Engineers desigictiral components using yield strength
as a reference point. Even in the days when onlynale strength could be measured
engineers used such large factors of safety tlegt émsured the stress within the metal
remained within the elastic range under workinglfodurthermore, "the variability of the
elongation to failure of wrought iron means thaagpic analysis would be inappropriate
and all design should be based on elastic behaVigMioy 2009). Therefore, ultimate
strength will be omitted as a contributing factorthe quality score. Attributing 50% to
yield strength and 50% to ductility would seem ogeble. Thus the quality significance of

the contributing factors are summarised as follows:

Yield strength 6, — 50 % significance on quality score

Ultimate strengtho,: — 0 % significance on quality score

Failure straing,; — 50% significance on quality score

A database of tensile test data has been collest@art of this research project. Using this
database it is necessary to establish a practarager over which each of the two
contributing tensile test data factors vary. Fateliron the database contains 561 test
results and shows that the maximum values of stinesugd ductility are as summarised in

Table 5.1
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Maximum measured value

Max value on practicalescal

Yield strength o, 365 365
Ultimate strengtho,; (omitted) 475 475
Failure straing 38 38

Table 5.1 Maximum practical values on scales of strengthdunctility

The maximum measured values from the database enagdul as the highest values on the
practical scale. Calculating the measure of quaditiike calculating the score a student
gets in an exam of two questions where the weifginteach question are each 50%, and
the working range of marks for each question afed@l 38 respectively.

The quality score for the example case may be ctedpas follows:

o,
quality score =—Y— (50%) Ao (50%) Eq.5.]
y max ult max
. 253 25
uality score =—— (50%) +— (50%
quality 365( 0) 38( 0)
quality score = 34.7% + 32.9% = 684.

The value of this quality score on its own is nseful, it is its value relative to the quality
scores of all the other test results in the datlfaat indicates the quality of the metal. By
applying the above computation to all 561 testltesn the database a scatter diagram can
be produced as shown in Figure 5.1. The horizantisl represents the number designation

of each individual test and the vertical axis s tjuality score based on Eq.5.1.
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Quality score for plate iron test database
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Figureb5.1 Scatter diagram of quality scores obtained fronbHq

The diagram in Figure 5.1 illustrates the variatiorguality of all the metals tested in the
database. At this point it may be better to disredhe notion of the quality score as a
percentage. That is, 67.6% can now be taken as 67.6

This quality score, gives this particular metal ighhranking compared with the other
quality scores, which is reasonable, as the metdlvery good ductilitys(,; = 25.0 %),
and good yield strengths( = 253 N/mm). In order to make the notion of quality scores
useful they should be related to the average qustibre of all 561 test results, which is
53.0. It is the variation in the quality score frahe average value that represents the true

guality of the metal, this is shown in Figure 5.2.
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Figure 5.2 Deviation of quality scores from mean value
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For example, one can see whether a particular samm@bove or below average quality,
and the extent to which it varies from the averadge.the test sample under consideration
with a quality score of 67.6, the metal's qual#yB% above average. Considering another
sample, in which the yield strength was 236N/mthe ultimate strength was 363N/rhm
and the elongation at failure was 11.4%, the qualdore is 47, which is 11% below
average. Despite the fact that it's quality is veverage it is certainly not a bad quality
wrought iron. Therefore, a lower bound should bldshed such that everything below
that value can be considered as bad iron and dwegyabove it as acceptable. A bad iron

would have low strength and/or low ductility.

This lower bound value will be referred to as th@imum acceptable quality of wrought
iron Qmin and its determination is entirely arbitrary. Fotaeple, consider the set of

sample results shown in Table 5.2, where the sagole listed in descending order of

quality.
Deviation in Yield strength| Ultimate strength| Elongation Reason for quality value
quality from mean N/mn? N/mn? at failure

% %
-10 236 349 11.3 Acceptable quality
-15 250 318 8.1 Acceptable strength, low ductility
-16 209 328 11.8 Low strength, acceptable ductility
-20 251 336 6.2 Acceptable strength, low ductility
-25 227 290 6.7 Acceptable strength, low ductility
-25 195 359 10 Low strength, acceptable ductility
-29 217 279 6 Acceptable strength, low ductility
-30 216 247 5.5 Acceptable strength, low ductility
-36 207 232 3.9 Low strength, low ductility

Table 5.2 Reason for below average quality scores of wroirghtsamples.

It appears that in the majority of cases whereqginaity falls below the average it does so
because of a low ductility value. This is illusaatin Figure 5.6. Morgan suggested an
elongation at failure of less than 10% as indieat¥ poor ductility (Morgan 1999). It is

proposed that a quality deviation of more than 208tow the mean may be used as a
lower bound value of quality on this quality scdbmn this basis 84% of the samples in the

database are of an acceptable quality.
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One obvious problem with the scheme proposed alsotreat the initial allocation of the
percentage significance (i.e. yield strength — 50% significance on quality score)

is completely arbitrary. But the proposal hereoisuse the standard information obtained
from a tensile test to rank the quality of a singlece of iron within a database of test
results.

Using Kirkaldy’s data, Morgan showed that in a &nignsile test, where the ductility was
more than 10%, the measured ultimate strength wowdst likely lie within 10% of the
mean ultimate strength value. This is illustratedrigure 5.3. Thus, a ductility value of

10% indicates a lower bound of quality.
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Figure 5.3 Kirkaldy's tensile test results replotted to exaenthe scatter of values. (Morgan 1999)
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Figure 5.4 Tensile test results for plate iron replotted t@raine the scatter of values. (Source: Cass
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Using the database of tensile test results frons Eayyward Consulting Engineers and test
results collected as part of this research progeplipt of results similar to Morgan's can be
produced as shown in Figure 5.4. This plot wouldns¢o cast some doubt on Morgan's
conclusion, as it shows considerable scatter. ©68il test results plotted in Figure 2.20,
72% (i.e. 393 samples) had a ductility greater th@®. Of these 393 test samples, 279
had an ultimate strength value within 10% of theameThat is, 71% of the 393 test
samples had an ultimate strength within 10% ofrttean. Overall, 52% of the 540 test
results had both a ductility greater than 10% amdilimate strength within 10% of the
mean. If one considers 10% as a lower bound foe@eable ductility and a deviation of
more than 10% below the mean ultimate strengthlas/@r bound for acceptable ultimate
strength then the number of acceptable sampleslisvBich is 65% of the total number of

samples. Thus on this basis only 65% of the materat acceptable quality.

52(b) Statistical assessment of proposed quality score scheme

The problem of trying to combine ductility and yledtrength into a single quantity that
will serve as a measure of the quality of the mistahat one particular attribute, such as
good ductility might co-exist with very poor yiektrength, resulting in an acceptable
measure of quality. This is illustrated in Figur® Where some samples at the lower right
of the scatter diagram have an above average goélkitbout 20%, but these same samples
have yield strengths which are among the loweshendatabase. This would indicate that
the quality scheme proposed here is not reallycatdie of good quality metal and that if
one is to decide upon the quality of a metal onestnhook at both ductility and yield
strength as two independent parameters, and sewear |Ibound for each, such that
everything above these bounds is acceptable. Arldwend of 10% for elongation at
failure has already been proposed for ductilityoer bound yield strength has yet to be
proposed, but it may be better to simply use tharastteristic yield strength from the

database as a reference point against which tejgdglity.
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53 Refinement of tensiletest data for usein an alternative assessment method

One of the conclusions on this research projetttas different structural component types
possess different characteristic material propertie is proposed to incorporate this
observation into the formation of an alternativessemsment method for wrought iron
structures. The large volume of tensile test datkected as part of this research project
has been separated according to component typethanesult is summarised in Tables
5.3t05.8

The following components types are considered.

1 Plate iron (along grain)
2 Plate iron (across grain)
3 Square and round bars
4 Angles and tees
5 Bolts and rivets
6 Rolled beams
Plate iron. Tested parallel to grain.
Yield Ultimate Elongation at| Modulus of elasticity
strength strength failure
N/mnt N/mnt % KN/mnf
Number of tests 561 561 548 12
Range 154 - 363 232 - 470 1-36 130 - 206
Mean 240 345 15 180
Standard deviation 32 35 7 23
Characteristic value | 187 287 3 142
Number of tests with elongation at failure > 10%9%7

Table 5.3 Summary of tensile test data for plate iron testedg the grain direction.

Plate iron. Tested perpendicular to grain.
Yield Ultimate Elongation at
strength strength failure
N/mnt N/mnt %
Number of tests 117 117 115
Range 154 - 298 183 - 389 0.1-29.2
Mean 208 296 8
Standard deviation 36 39 7
Characteristic value | 163 225 0.8
Number of tests with elongation at failure > 10%%E

Table 5.4 Summary of tensile test data for plate iron testerdss the grain direction.
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Rectangular and Round bars Tested paralleldimgr

Yield Ultimate Elongation at| Modulus of elasticity
strength strength failure
N/mnt N/mnt % kKN/mnt

Number of tests 330 335 328 171

Range 150 - 328 278 - 533 4-37 149 - 253

Mean 205 352 22 196

Standard deviation 33 27 7.2 13

Characteristic value | 151 308 10 175

Number of tests with elongation at failure > 10%G3

Table 5.5 Summary of tensile test data for rectangular auoehd bars tested along the grain direction.

Angles and Tees Tested parallel to grain.

Yield Ultimate Elongation at| Modulus of elasticity
strength strength failure
N/mnt N/mnt % kN/mnf

Number of tests 100 100 95 6

Range 193 - 351 296- 448 4-37 145 - 201

Mean 244 368 22 197

Standard deviation | 27 30 7.0 19

Characteristic value | 200 319 10 145

Number of tests with elongation at failure > 1099G=

Table 5.6 Summary of tensile test data for angles and &sted along the grain direction.

Bolts and Rivets Tested parallel to grain.

Yield Ultimate Elongation at| Modulus of elasticity
strength strength failure
N/mnt N/mnt % kN/mnt

Number of tests 45 45 45 9

Range 205 - 332 318 - 414 18 -41 184 - 213

Mean 257 365 30 194

Standard deviation | 30 24 6 9

Characteristic value | 207 325 20 176

Number of tests with elongation at failure > 10%5=

Table 5.7 Summary of tensile test data for bolts and ritessed along the grain direction.

Rolled Beams Tested parallel to grain.
Yield Ultimate Elongation at| Modulus of elasticity
strength strength failure
N/mnt N/mnt % KN/mnt

Number of tests 24 24 18 23

Range 221 - 355 326 - 478 5-27 159 - 243

Mean 299 423 14 199

Standard deviation | 38 45 6 19

Characteristic value | 232 343 4 165

Number of tests with elongation at failure > 10%4=

Table 5.8 Summary of tensile test data for rolled beam tested along the grain direction.
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54  Defining design strength in terms of quality and significance of components

The principal objective in developing a new method assessment of wrought iron
structures is to avoid unnecessary removal of gtrakcomponents and therefore preserve
as much of the original structure as possible. Alfh the UK Highway Standard
BD21/01 acknowledges the wide variability in thetemil properties of wrought iron it
provides only a single value of characteristic ¢iedtrength for wrought iron, i.e.
220N/mnf, and a single material safety factor of 1.2. Thalgsis of tensile test data
carried out in this research project has reveahed different wrought iron component
types have different characteristic strength andtikily values, and this can provide a
means of refining the current assessment methathdfmore it is proposed that instead of
applying a uniform safety factor to all membersaofvrought iron structure larger factors
of safety are assigned to more significant memlpdrde lower factors of safety are
assigned to members of lower significance. The tgignificance in this context refers to

the importance of the component in resisting celbap

As part of this method a numerical value of sigmfice is assigned to all members of the
structure in order to clearly identify the degreewthich a component contributes to the
stability of the structure. Their contribution tiouctural stability is based on the stress they
experience under assessment loading. Members warch higher stress are considered as
contributing more to the stability of the structawed thus are classified as more significant

or more important.

The basis of the proposed method is the creatiom oew definition of component

resistance for use in the assessment of wroughtstactures. In this context the term

‘component resistance’ means 'assessment yietgtrer 'design yield strength’.
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Under the current method the resistance of wroirghtmembers is given by

characteristic yield strength

R = Fc.L = condition factor;
Vin
- R=F ?ZON/mnf
1.2

material safety factor

F. (183N/mn )

Eq.5.

Under the new method it is proposed that the @st&t of wrought iron be given by

Design yield strength E,

(characteristic yield strengtif)

1.2a

wherea is the significance factor of the component

andg is the quality factor of the component.

Eqg.5.2

The function of the sigficance factor is to adjust the safeagfor according to thi

importance of the component within the structure.

The function of the quality factor is to adjust gteracteristic strength acding to

the ductility of the metal.

5.5

Defining a quality factor for wrought iron components

In Section 5.3 it was shown that different wrougbh component types have different

characteristic strength and ductility values. Itpi®posed that the quality fact@rof a

component, is defined as the probability that thegonent has an elongation at failure of

more than 10%:

[ = probability that a sample has an elaimyaat failure > 10%

Eq.t

The data analysis presented in Section 5.3 foremifft component types is partially

summarised in Table 5.9. The quality fagtas given for each component type.

Elongation at failure of various component types

Component type Plate irgnPlate iron Square and Angles Bolts and| Rolled
(along (perpendiculan Round bars| and Tees | Rivets beams
grain) to grain)

Number of tests 548 115 328 95 45 18

Range (%) 1-36 0.1-29 4-37 4-37 19 - 41 23 -

Mean (%) 15 8 22 22 30 14

Standard deviation (%) 7 7 7.2 7.0 6 6

No. of tests with elongation at 397 41 303 90 45 14

failure > 10%

Probability that a sample0.761 0.36 0.953 0.956 0.999 0.749

component has elongation fat

failure > 10% (i.ep factor)

Table 5.9 Summary of data related to elongation at faildfreamious component types

163



It was shown in Section 2.3(c) that the tensila tkgta follows a normal distribution.
Therefore, the area under the standardized norarak r normal probability curve may
be used to calculate the probability that a sarmaplaponent has an elongation at failure
greater than 10%. For example, using the data l&ie pron tested along the grain, the
normal standard variate (i.e. z-value) is given by

X-X _ x-15

7Z= —— =

g 7

whereX is the mean value agd is thedard deviation from the mes

10-15 = - 0.71 standard deviatit

An elongation at failure of 10% has aatue of
(See Figure 5.7)

The probability that a sample of plate iron hasomg@ation at failure of more than 10% is
equal to the shaded area under the normal protyabilrve shown in Figure 5.2, and is
equal to 0.7611. Given that there are 548 resaltplate iron tested along the grain, this
means that 548 x 0.7611 = 417 of these are likelgave a elongation at failure greater
than 10%. The actual number of tests with elongadiofailure greater than 10% is known,
to be 397. This small discrepancy is expected rabgbilities based on the normal
distribution are approximations. According to thedinition the quality factop in this case

is equal to 0.76.

probability
density

p

| | L |
-0.71 0 1 2 3 Z - value
standard deviation

Figure 5.7 Normal probability curve
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If it is found that the test results do not foll@awnormal distribution, as is the case with
plate iron tested perpendicular to the grain, timenquality factop may be defined as the
ratio

_ Number of tests with elongation at failure > 10%
Total number of tests

B Eq.5.

5.6 (a) Defining a significance factor for wrought iron components

One objective in creating the proposed method Wwasit should agree with the existing
method for the most significant members, so thatrtbw method is just as safe as the
existing one. However, the proposed method isdesservative toward members of lower
significance. An examination of the database ofsitentest results reveals that the
characteristic yield strength value of 220N/mumder the current method is too high a
value. In particular bar iron was found to have haracteristic yield strength of just
151N/mnf and plate iron a characteristic yield strengtll®7N/mnf. Thus, the present
method overestimates the strength of wrought ifdnerefore, under the proposed method
the characteristic strength value of 220N/mwill be discarded, but the material safety
factor will be retained as shown in Eq.5.2. Theppse of thex factor is to adjust the
safety factor, and the next step in the developroétite proposed method is to establish

the numerical range of thefactor.

In just the same way as each component type hasdafis quality factors, so too will

each component type have a unique range of possigieficance factors. The actual
significance of the component depends entirelytemmportance within the structure and
is based on the stress it carries, but the sigmfie factor depends on what type of
component it is. In order to establish a workingge for the significance factor of a

particular component type consider plate iron asxample.
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Under the proposed method the design yield streisgitven by:

new design yield strengthE M
12a

(from ER)5.

= f (0.761)

2 a (for platen tested along the grain)

wheref, is the characteristic yiedttength. For this example considerttha= 1.0.

It is intended that the design yield strength urtiernew method should equal the design
yield strength under the existing method for thestrggnificant components. Therefore,
for the most significant componestshould be 0.761.

new design yield strength M =fk— 3d design yield strengt
(12.2) 0.761 1.2

For a component of no significance the design ysdtdngth may equal the characteristic
yield strength. Therefore,

_f, 0761 f

new design yield strength =*——— L
(1.2) 0.634 1.2

(2.2)f, = characteristic yield strenc

Therefore the range of significance factor valuelate iron is:

(0.634<a < 0.761) Eq.5.5 (folate iron along the grai

The range of significance factors for each compotgre are given in Table 5.10.

Characteristic yield a factor range B factor
strength
Plate iron (along grain) | 187 0.634 -0.761 0.761
Plate iron (perpendicular 163 0.3-0.36 0.36
to grain)
Rectangular and Round| 151 0.794 - 0.953 0.953
bars (including eyebars)
Angles and Tees 200 0.797 - 0.956 0.956
Bolts and Rivets 207 0.833-0.999 0.999
Rolled beams 232 0.624 - 0.749 0.749

Table 5.10 Parameters used in design strength adjustment.

Having defined the range of values that the sigarfce factor can have for a particular
component type the method is ready for implememnafl he first quantity required for the

calculation of the design yield strength of a comgra under the proposed method is the

166



significance of the component within the structulidnis is a value expressed as a
percentage. For example, one might calculate thaiadicular component is 70%

significant. The basis of establishing such a fgsrthe stress in the component.

Members with the highest stress values are assigimedhighest significance values
because these members contribute most to theistaddilthe structure. That is, they do
more work in supporting the load. The loading oa $itructure used for determination of
component stresses employs the standard load abtttys, i.e. 1.5 for live load and 1.05
for dead load. (BD21/01). It is clear that a safemtor applied to the external loading will
affect all components. The only way of tailoring tbafety factor for individual members,
based on their significance, is by adjusting theema safety factor rather than the load
safety factor. Furthermore, placing the signifiGaractor in the denominator of Eq.5.2
ensures that members with the highest significdraces the lowest design yield strength.
This ensures that safe assessment is maintainadb®&ts of low significance will have a
greater design yield strength, which is acceptasléhese members have a high safety

margin to begin with.

Therefore, the first step in the proposed methothés calculation of the initial safety
margin of all components in the structure undenddad factored assessment loading. The
initial safety margin of a component is based anlitmit state that failure is expected if the
stress in a member reaches the characteristic gtedshgth value for wrought iron, i.e.

187N/mnf for plate iron or 151 N/mfrfor bar iron. Therefore,

Initial stress safety margin = characteristic yigicength - stress in companie EQq.5.¢

The significance of the structural members is thaltulated. The proposed assessment

method has two different forms depending on whether structure being assessed is
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statically determinate or indeterminate. The procedor determinate structures is simpler

and will be discussed first by considering a truss.

5.6 (b) Calculating the significance factor for a component in a determinate structure
The details of the proposed method for a plate c@mmponent are as follows.

Calculate the stress in all components under fedtdoading. Then calculate the
significance of all components according to Eq.5.7.

stress in component N Area lost as a restuttollapse

Component significance —
characteristic yield strength Total area of strugtur

Eq.5.7

It is difficult to place a fixed value of signifinae on a structural member. For example,
consider the case of a zero force member in a tmder a particular loading arrangement.
Loss of the member under that particular loadingaragement is theoretically of no
consequence as it carries no load, and so it coaldrgued that the member has zero
significance under that loading arrangement. Howebe member may carry load under
an alternative loading arrangement, and thus, aislyohas some significance. The
expression for significance given by Eq.5.7 maylleathe conclusion of zero significance
for a particular loading arrangement. In that casferent loading arrangement should be
applied. In practical terms there is a limited nembf ways in which load can be applied
to a structure, so it would not be an exhaustivegss to determine the range of stress
values that a component is likely to carry. Thgéast stress value in this range should be
the one on which significance is calculated.

However, significance should also depend upon gwgek of destruction that would result
upon loss of the component, and this can be basdldeoarea of collapse if the component
is lost. It is proposed that the measure of sigaifce of a component should be directly
proportional to the fraction of the characterigtield stress it carries and to the fraction of

the total area lost upon loss of the member, aseszpd by Eq.5.7.
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One consequence of basing the significance of gpooant on the stress it carries is that
under higher loads the component will register @iadpmore significant. This provides a
way of placing greater significance on componenithia structures exposed to higher

than average forces, such as on an exposed cibstal 1 an industrial building.

For Liverpool Lime Street Station roof (see Cha@erit is assumed that progressive
collapse does not occur with the loss of an indigldruss. If a critical component is lost,
such as a bottom chord tie, then the truss wilepske taking with it the purlins resting on
it. The area of roof lost would be 1112rThe total area covered by the roof is 11286m
Therefore, the fraction of the building area ldsgne truss collapses, would be 11£2m

11206n% = 0.099. In this case the significance of thesmembers is given by Eq.5.8.

stress in component

Total Component significance —
characteristic yield strength

0.099 Eq.5.¢

In the next step of the proposed method the siganfie value, expressed as a percentage,

provides a way of calculating the significance dact

The range of significance percentage values cdolwe from Eq.5.8. If a component has
a stress value approaching the characteristic gieegthgth, meaning that it is on the verge
of limit state violation, then its safety margin wd be zero and the significance of the
component would be at maximum, which indicates that component is essential for
stability, (and that it requires reinforcing). He stress in a component approaches zero,
then the safety margin would be equal to the charatc yield strength. In that case the
component is effectively doing nothing to resistllajsse and is redundant, with

significance equal to zero. However the loadingragement should be changed to see if
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the component has a non-zero stress, which mearsyihave some significance. Thus the
theoretical range of component significance valses

0 < Total component significance< 0.099

Although the collapse of a single truss is leseeethan the collapse of the entire structure
it is obvious that the collapse of a single truss/éry serious and one may regard the
collapse of even one truss as totally unacceptdhleghat case the only measure of

significance that matters is the local significamatue given by Eq.5.9.

stress in component
characteristic yield strength

Local Component significance Eq.5.€

For this interpretation of significance the praaticange of significance values is

0 < Local component significance<s 1.0 Eq.5.1

Using the range of local significance values givnEQ.5.10 it is possible to relate the
significance of a component to the significancddaa for the adjustment of the design
yield strength. The range of significance factduea for plate iron is:

(0.634< a < 0.761) Eqg.grepeated)
and 0 < sigs< 1.0 Bd.0 (repeatec

T |

I
Lowest Highest
significance significance

For example, consider that the significance valsig)(of the component has been

determined to be 0.75. Then its significance is 75%

Using this percentage value of significance, a priopnal o value may be calculated as

follows.
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The size of the value range is given by

highesta — lowestr = 0.761 0.634  0.127
75% of 0.127# 0.09525
= ¢« value corresponding to 75% signdiice= 0.634+ 0.09525  0.72¢

In general, thex factor is given by:

a = lowesta factor in range + (significes) x (size ofr factor range) EqE

Therefore under the proposed method the design yield strength for this comgaombat
adjusted as follows

new design yield strength= % = F 187N/mnt (0.761) =

- 12) 0729 F 68N/mnt)

If no account of the significance or ductility dfet component is applied then the design

strength of this component would be

design yield strength E, 11:—"2 = F, % =F, . (1BBmm?)

The new design vyield strength is not very much tgrethan the original design yield
strength because the component was quite signifidarwas already stated that for
members of high significance the proposed methodldvoot differ very much from the
existing assessment method. However, for membelswar significance the increase in
design vyield strength is greater. For example,hé stress in a component was just
15N/mnf, the initial safety margin would be 172N/fymand the significance of the
component would be 8.0%, which is obviously veryaBnThe resulting adjustment in the
design strength is an increase from a standardevalu 156N/mm to 184N/mn.
Therefore, this particular component, which is efylittle significance, would be allowed
to experience a greater stress level than wouldllog&ved under the present assessment

method. Such an elevated stress may result fromssaih section due to corrosion. Thus,
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under the proposed method, this member, may cantinuservice, whereas under the

present assessment method it may be deemed ngciEsezplace it at an earlier date.

In summary, the proposed method provides a gregersafe, design yield strength than
the existing assessment method for individual camepts. Using the characteristic yield
strength of wrought iron, and the stress in the moments under factored assessment
loading the significance of the components witlia structure is calculated. Knowing the
significance of the components allows a proportioauction in the material safety
factor, resulting in a greater design strength. praetical consequence of this adjustment
Is that a component of less than critical signiima is not subjected to an overly
conservative safety assessment and may be allosvedntinue in service for a longer

period of time.

The application of the proposed method to stagidallieterminate structures is explained
by means of a number of case study examples in t€isae to 8 but the general

considerations when dealing with indeterminatecstmes are outlined in Section 5.7.

5.7  Application of the proposed assessment method to indeter minate structures

The basis of the proposed method is that the sigmfe of a component is the
contribution of the component to resisting the roétte limit state of collapse of the
structure. In a statically determinate structulecamponents are necessary for stability,
and so, all make some contribution to resistindapske. It is therefore appropriate to base
the significance of the components of such strestun the fraction of the failure stress

that they carry, and this is what Eq.5.9 does.

stress in component
characteristic yield strength

Local Component significance EQ.5.9 (repeate:
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However, in structures where loss of a componem, td over-stress of the component,
does not result in collapse, the definition of comgnt significance as expressed by Eq.5.9
would register the component as 100% significanijctv is not the case, as other
components come into action to resist collapse. [6ke component was only partially

significant. Therefore, Eq.5.9 does not apply &isally indeterminate structures.

For example, the roof truss of Liverpool Lime Str8&tion (see Chapter 8) is probably as
close to statically determinate as one is likely elacounter, but it is not statically
determinate because the upper chord is a contirar@bs If a component within the truss
is lost, but collapse does not occur, redistributad internal forces would take place,
which would involve an increase in the stressebénremaining members. Thus loss of an
active component would likely reduce the safety gimarof the structure as a whole.
Therefore, the lost component had some partialifssgnce in that its presence gave the
structure a greater safety margin (and greaterstoless), but its significance in doing so is

not properly quantified by Eq.5.9.

For an indeterminate structure, it would be moraiséc to base the significance of a
particular component (i.e. component X) not upa atvn stress value, but upon the
reduction in the safety margin of the structure aghole, if component X is lost. Loss of a
component would have to be investigated by scersamalation in order to determine the
extent of the reduction of the safety margin of shlreicture associated with the loss of that
component. The greater the reduction in the safetsgin of the structure, associated with

the loss of a particular component, the greatdrassignificance of the lost component.

To obtain the significance of component X one nuestide if the component is critical or
not. For example, the bottom chord of the roofgras Liverpool Lime Street Station is

critical, even though it is a statically indeterai@ structure, because it is certain that
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collapse would occur if a segment of the bottomrdhaere lost. However the web
members of the truss are not critical, becausenuane be lost without causing collapse of
the truss.

If a component is critical, but it is made up frguarts, such as the eyebar composed
bottom chord segments of Liverpool Lime StreetiStatoof truss, then the objective of
the assessment is to determine how significanttlaeindividual eyebars in the chord
segment. Are the individual eyebars critical or cawe or two be lost without loss of the
chord segment ?

This question is answered by simulating the lossnaf or two eyebars and calculating the
reduction in the initial safety margin of the chosdgment. The significance of the

removed members may then be defined as:

Reduction in initial safety margin of structyre
after removal of component X
Initial safety margin of intact structure

% Significance of component X x100

Eq.5.12

In this case the significance of the eyebars i®erdahed by removing them from the
critical member, namely the bottom chord segméntak the measurement of stress in the
remaining member that allowed determination of #ignificance of the removed
members.

However if it is desired to know the significandeaonon-critical member, such as a web
member in the truss, then it is necessary to itlertie most highly stressed critical
member remaining that is most influenced by theoeah of the web member. And the
significance of the removed member is based omddaction in the initial safety margin
of the remaining critical member. In this concepie safety margin of the structure is
taken as equal to the safety margin of the mostiygfressed critical member.

Because the objective of the proposed method isbtain a new design yield strength

based on significance, the design yield strength wfought iron component is a variable
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quantity. In the application of the proposed methméhdeterminate structures, the stress
safety margin of a component is used to deterntieesignificance of a component. But
since the design yield strength is not yet knowncannot be used to determine
significance. Instead, it is proposed to use thaadteristic yield strength to determine the
stress safety margin of the component for the mepd calculating significance, because
the characteristic yield strength is a constaespective of significance. Therefore, for the
purpose of calculating significance the safety nmaf a component is defined as the

'initial stress safety margin' according to Eq.5.6.

Initial stress safety margin = characteristic yiglicength - stress in comparie

Eq.5.6 (repeated)

Having determined the significance of componentsXagercentage according to Eq.5.12
the procedure for the adjustment of the designdysrength is the same as that for
statically determinate structures, described irtiSe&.6.

In an indeterminate structure a component is censdlcritical if loss of that component

results in the design stress safety margin of amotomponent, which is critical,

approaching zero. The design stress safety margiefilsed as:

Design safety margin of component = adjusted degigd strength - stress immponen

Eq.5.13

EqQ.5.13 is used to decide upon the onset of ciitycalhen simulating the loss of parts
from a multi-component member, after the applicaiid the proposed adjustment to the

design yield strength.

An overall outline of the proposed assessment ndeighgiven in Figure 5.8.
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Chapter 6  Assessment of Irwell Street Bridge, Manchester

6.1. History of Irwell Street Bridge

Irwell Street Bridge carries Irwell Street in Satfoacross the River Irwell to join New

Quay Street in Manchester; because of this itss khown as New Quay Street Bridge. It
was built in 1877 and consists of two wrought-itmmwstring braced girders which span
between dressed masonry abutments. The bridgegilglon the skew in relation to the

abutments, the north abutment is out of perpenalicuith the centre-line of the bridge by
1¢° and the south abutment by®18Manchester City Council 1994). The result déth

skewed form is that the upstream girder spans 16ifft(35.81m) while the downstream
girder spans 120ft. 4in. (36.68m). (Manchester G@fion 1907). The main girders are

spaced 52ft 6in (15.85m) apart, between centresy &he 15ft deep at the midpoint, with

the top chords of circular form. (Manchester Cogtion 1907).

Figure6.1 Irwell Street Bridge general details (drawingnr Manchester Corporation old record book,
dated 1907) (Manchester Corporation 1907).
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The bridge was designed by civil engineer Jamescd@gise Lynde of Manchester

Corporation. Lynde was appointed City Surveyor bgnghester Corporation in 1857, a
position he held until his resignation in 1879. (8&S 1883). Prior to this period Lynde
had worked for many years as a civil engineer indamn as a member of the firm of Lynde
and Sympson, George Street, Westminster. (AMSES)188vell Street Bridge was one

of the last structures Lynde worked on as City Byov. Following his resignation from

the City Corporation Lynde worked with his son &snilenry Lynde as a civil engineer in
Manchester. (AMSES 1883). James Gascoigne Lyretkidi 1883 having completed his
fiftieth year as a member of the Institution of CENgineers. (AMSES 1883). Lynde was
also a member of the Institution of Mechanical Eegrrs and a Fellow of the Geological
Society of London. (AMSES 1883). He was also theosd president of the Association

of Municipal and Sanitary Engineers and Survey@MSES 1883).

IRWELL-STREET BRIDGE, MANCHESTER.

MR. J. G. LYNDE, M.LC.E.,, MANCHESTER, ENGINEER.
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Figure6.2 Irwell Street Bridge opened in February 187 hgEngineer 1877)
The contractor for the ironwork of Irwell Streetid@ye was the Stockton Forge Company,
Stockton-on-Tees and contractors for the masonmtnaénts were Messrs Ellis and

Hinchliffe of Manchester. (The Engineer 1877). Tinenwork cost £14,849 and the
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masonry work cost £7,468. The total cost of comsivn was £22,946 of which Salford
Corporation contributed £10,035. (The Engineer )87&fter the bridge was completed
£6,000 was paid to Manchester and Salford Cormoratjointly by the Lancashire &
Yorkshire Railway Company towards the constructioh the bridge. (Manchester

Corporation 1907).

Working drawings of the bridge were produced by Mmde’s assistant Mr. G.B. Jerram
but these no longer exist. All technical and histdrinformation about the bridge has been
obtained directly from Manchester City Council’'saoeds and from an article about the
bridge which appeared in the journal ‘The Enginedated August '8 1877. Since its
erection the bridge has undergone two strengthepiogects, one in 1926 and another
more significant project in 1996. The latter projecas primarily concerned with the
bridge deck. Despite its age and the significaatdrtvaffic which it carries the bridge is
presently in very good condition. Apart from thecklesuspension bolts which will be
described later the main bridge span retains ailsobriginal ironwork. The longevity of
the bridge is probably due, in part, to the actagyi of all components of the bridge for
painting. All of the structural connections are aclg visible, and so can easily be

monitored for signs of deterioration.

For the purposes of this research project a sdtafings were produced which are based
on a combination of drawings from “The Engineertidde and Manchester City Council’s
own sketch records, and direct field measuremepnthé author. These drawings are in
Figures 6.28 and 6.29 at the end of this chaptbe Historic dimensional information
matches the as-built state of the bridge. The maigservice load for the bridge was for a

highway. The bridge was built to support a roadwaag not a railway.

179



- AN ey e e e P,
o a [ : = = - . ¥ L

e L T

P i S & -i = i
Figure 6.3  Irwell Street Bridge Manchester, looking upstreaphotographed by J. Black in 1892
(Photograph courtesy of the Manchester Public ltib2907)
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Figure6.4 Irwell étréet Bridge, looking upstream.i(Phomm by M O’Sullivan 2008)

6.2  General description of bridge- Main girders

The bridge is entirely composed of riveted platel amgle construction. The top and
bottom chords of the main girders are trough shaffesl top being composed of seven
plates 9/16in. (14.3mm) thick and the bottom of @iates of the same thickness, 3ft.6in.
(1067mm) wide, attached by four angle irons, 4indim. by 5/8in.,(i.e. 2100mm x 100mm

X 16mm) to two rows of web plates consisting of fwates 2ft. deep by 5/8in. thick. The

rivets are all 7/8in. diameter.(The Engineer 1877).
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The curved webs of the top chords were made blydising the plates to shape. Then the
positions of the rivets were marked on one plat the two plates making up the web
were bolted together at a few locations only, jagtold them temporarily. They were then
passed under a radial drilling machine to drill alltof the rivet holes. (The Engineer
1877). Manageable lengths of the upper chord wedre wveted in the contractor’s yard

and then transported to the site where assembilyeoéntire girder was completed. (The

Engineer 1877).

Figure6.5 Side view of top chord of main girder. Figure 6.6 View of top chord.
No sign of inter-plate rusting. Some edge rustingsible in Figure 2.6 (Photographs by M.O’Sudliv2008)

The flange plates and angle iron were drilled isipon on site by means of portable
drilling machines having fourteen spindles. (ThegiBeer 1877). Because the flanges are
composed of up to 7 layers of plate drilling ratttean punching was the only option.
There are a number of practical reasons for thistly, it would have been impossible to
punch through 7 layers of 9/16in. (14.3mm) thiadnia total thickness of 4in.(100mm)).
Punching or drilling each plate separately woulsbahot work, because when a plate is
punched or drilled it is flat, but when the plagethen bent to fit the intended curve of the
upper chord, alignment of rivet holes would be isgble to achieve. In inferior work
misalignment of rivet holes often occurred. In ortteachieve a riveted connection in such
a case, it was necessary to use a ‘drift’ or ‘rhyrf@ reamer), which was a blunt punch
made of soft stee(Hutchinson 1879). The rhymer forced a rough passagdeforming
any obstructions in its way. The consequence walstiie plates were forced apart slightly
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due to thickening at the edges of the rivet holé® gaps between the plates could allow

the ingress of water and subsequent rusting. Speds 6.5 and 6.6.

.

Figure6.7 Figure 6.8
Opening a rivet hole in misaligned plates usingyamer. Rivet hole after use of rhymer.
Thickening of plate edges around hole causes getpgebn the plates (Hutchinson 1879)

In the layers of plates making up the chord flangfeswn in Figures 2.5 and 2.6 there is
minimal sign of rusting between the plates. It wbappear that onsite drilling and
mechanical riveting have resulted in a sufficienigyt joint to prevent water penetration.
Of course maintenance of a good layer of painsgemtial to prevent rusting. Manchester
Corporation stipulated that the bridge should Ipairged every 4 years. Records show that
this was the case certainly up until the 1920'sratthat records of painting were not kept.

(Manchester Corporation 1907)

Figure6.9 Side view of top chord of main girder. Figure 6.10 View of main girder.
Extensive riveting was employed to fix the 7 layefglate iron of the top chord flange. (Photos by
M.QO'Sullivan 2008)
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The vertical struts within the main girder are eaomposed of a flat plate between two T-

irons. The struts are braced together across ttinwi the girder using 2in.x 2in. (50mm
x 50mm) angle iron as shown in Figure 6.12. Figufel shows the connection of the

vertical strut to the inside of the upper chord web

to inside of upper chord web. (Photo by M.O’Suliiv2008)

M.O’Sullivan 2008)

5in. wide T-irons riveted to 2 in. wide angle irons form
both sides of vertical plate. cross-bracing to vertical struts.

The diagonal members of the main girder consg

8in. x 1in.
of a flat bar and are also cross braced to pre\ diagonal bars

buckling. The longer diagonals toward the midd
of the girder are wider and thicker than tho

nearer the abutments. For example, the bars inf : )
2.5in.x 0.5in.

cross bracing.

middle bay are 8in x 1lin. (203mm x 25.4m
whereas those in the end bays are 6in x O.

(152mm x 12.7mm).

Figure6.13 Cross braced diagonal members of main
girder. (Photo by M.O’Sullivan 2008)
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Figure 6.11 Connection of vertical strut and diagonal ties

Figure 6.12 Braced vertical struts of main girder (Photo by



6.3  Abutments

The Abutments are composed of brick faced withand dressed stone (i.e. ashlar) and
stand 6.5m above water level. (Manchester City Cbut994) The north abutment is

18.9m long, and the south abutment is 19.8m lorge thickness of the abutments as
determined from core holes is 3.13m, of which 760mrnthe stone face and the rest is
solid brick masonry. (Manchester City Council 1994)he abutments are founded on
spread footings at a depth approximately 2.5m bemhnary water level, according to the

old bridge records. (Manchester Corporation 190udging by rock outcrops visible on

the banks and available site investigation detaitgind the region, the founding material

may be weathered sandstone. (Manchester City Cldle@4)

Figure 6.14 South abutment of Irwell Street Bridge as seemfthe towpath on the opposite side of the
river.(Photo by M. O’Sullivan 2008)

Allowance was made for thermal expansion and cotitna of the bridge at the supports.

The main girders rest on cast iron bed plates guti-metal strips separating the underside
of the girders and the cast iron bed plates. Thergetal strips and the underside of the
girders were planed to allow the girders to slideew expanding and contracting. The

benefit of this capability was seen during congtaucof the bridge when in a period of hot
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weather the girders expanded and contracted irtHdmg5/8in. (15.8mm). (The Engineer
1877). However, at some subsequent date, all diotivebearings of the main girders were
encased in concrete, thereby limiting free movemientthe longitudinal direction.
(Manchester City Council 1994) In a modern assessmraried out by Manchester City
Council, to which this author had access, it wasneged that a temperature variation of +
15 °C would result in horizontal movement of the mairder by + 6.7mm. (Manchester
City Council 1994) Encasing the bearings in corerptevents free movement of the
bridge relative to the masonry abutments. Yet desthis, the abutments are in good
condition with no cracks or open joints in the nmago However, cracks immediately
behind the abutments were observed. It has beagestggl that as the bridge lengthens in
hot weather the abutments are pushed back aghssttth fill. (Manchester City Council
1994) When the bridge contracts the abutmentsrrétuthere original position showing no
openings in the masonry but leaving behind craeta/&en the back of the abutments and

the earth fill. (Manchester City Council 1994)

6.4 Crossgirders

The cross girders are 55ft. 6in.(16.9m) long, Bih.(1.04m) deep in the middle and 2ft.
8in.(0.813m) deep at each end. (The Engineer 18h8y were completely prefabricated
in the contractor’s yard and like the main girdaitghe rivet holes were drilled rather than
punched. (The Engineer 1877). Original design datmns show that the cross girders are
capable of bearing a safe load of 50tons in thé&ree(Manchester Corporation 1907) The
cross girders are spaced 8ft. 4in.(2.54m) apahte (Engineer 1877). The most important
connection in the bridge is that between the coster and the main girder (shown in
Figures 6.15 and 6.16). The cross girders are tefédg hung from the lower chord of the
main girders by means of 24 bolts of 1in.(25.4mmareeter at each end. Each of these
bolts was made in one piece without welding andeteprior to erection with a dead

weight of 4 tons (which implies a stress of 7ONMn{The Engineer 1877).
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P&
Figure6.15 Figure6.16

View of cross girder connection from above View of cross girder connection from below
(Photo by M O’Sullivan 2008) (Photo by M O’Sullivan 2008)

6.5 Small longitudinal girders

Small girders at a spacing of 3ft (914mm)apartnsgfa4in. between the cross girders and
complete the framing for the road deck. They ammmsed of a 3/8 in. (9.5mm) thick by
2ft (610mm) deep web plate with flanges formed hyaa of 3in x 3in.x 0.5in.(76mm X
76mm x 12.7mm) angles. (The Engineer 1877).

6.6  Bridge Deck

The deck is composed of curved buckle plates wiigan the 3ft (914mm) distance
between the small girders and are the same lersgtheasmall girders. The undersides of
the curved buckle
plates are visible in

Figure 6.17.

Figure6.17 Underside of road deck showing curved buckle plat®hoto by M. O’Sullivan 2008)
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The plates are 5/8in.(15.8mm) thick and are rivetethe supporting girders and to each
other on all four sides. (The Engineer 1877). GoiNely the deck plates give the bridge

rigidity in the horizontal plane as well as prowidia surface for the roadway material.

6.7  Construction material and bridge design

The bridge was made from ‘Cleveland’ wrought-irovd avas designed so that the heaviest
expected load would induce a stress in any membereater than 4.5 tonfifi70 N/mnf)

in either tension or compression. (The Engineer718The iron was subjected to tensile
tests prior to its use. “No iron was used that hapermanent set after 13 tori/if200
N/mn7) of tension was applied, or that broke with ldsant24 ton/iA (370 N/mnf). (The
Engineer 1877). The girders were built to be “mtiven the usual strength” due to the
heavy coal traffic the bridge had to carry and ltovafor a certain amount of corrosion,
which was expected due to the “exceptional atmasph@purities which rise from the

river”. (The Engineer 1877).

6.8  Strengthening of thebridgein 1926

At some date a number of the diagonal memberseahdinrow ends of the main girders
buckled. The locations of these members are shdwadesl in Figure 6.18. In 1926 the
buckled members were braced and a number of theciatsd diagonal ties were
strengthened. The strengthening consisted of wgldiiditional flat bar lengths to the
original flat bar member in order to create a clegsection. This is shown in Figure 6.19.
Furthermore, the members which buckled were alssscbraced by welding 2in. x 2in. x
0.5in. (50mm x 50mm x 12.7mm) angles to them asvehia Figure 6.21. Cross bracing
provided sufficient triangulation between the twestto enable them to act as a rigid
ensemble. It would appear that the buckled memiiers not removed but were braced in
their buckled state. In Figure 6.19 the buckledrfaf the flat bar member is quite visible,

this particular member deflected one inch out ahpl The connection of the strengthened
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tie member to the web of the upper flange is showigure 5.23. The weld line is clearly

visible. From the date of the work it is most likeéhat the introduced elements were steel

and not wrought iron.
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Figure 6.18 Excerpt from report on buckled members of Irwsfieet bridge. (source: Manchester
Corporation records dated March 10th 1926, foundléhrecord book, reference Manchester Corporation

1907)

The assessment of Irwell Street Bridge performedhisy author for the present research
project was compared with the assessment carrieth d994 by Manchester City Council

and the results showed close agreement betwedwalessessments.
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2in. angles [=——(8
welded to |5

flat bars

This flat bar
buckled inward

1in.
Flat bars edge by 1in

welded onto
members to
effectively
create a channe
section

Figure6.19 Strengthened members of the bow-string gird&nofo by M. O’Sullivan 2008)

Figure6.20 Figure6.21
Typical tie-bar to upper chord connection. -b#r strengthened by creating a channel section.
(Photo by M.O’Sullivan 2008) (Photo by M.O’Sullivan 2008)
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6.9 Irwell Street Bridge - Structural Assessment

The method of assessment proposed in this repod modification of the current
assessment method. To demonstrate the relatiorstipeen the two methods when
applied to a bridge girder the current assessmethad will be carried out first and then

the modified method will be employed for comparison

6.9 (a) Basis of current assessment method

The assessment was carried out in accordance WItA1801 The Assessment of Highway
Bridges and Structures.

Assessment |oads

The assessment loads, Qare determined from the nominal loads, @ccording to the
equation:

Qr =Vi - Eq.6.1 (BD 21/01 cl.3.

wherey, is a partial load factor for each type efling.

For dead loading of wrought iron structuges = 1.05
For superimposed dead loading (e.g. surfacing mbter, = 1.75
For live loadingy, =1.5 (BD 21/01 Table 3.

Assessment |oad Effects
The assessment load effects, ,Ysuch as axial stress) are obtained from thesassent

loads by the relation:

Sy

V.5 (effects ofQ, ) E§.2 (BD 21/01 cl.3.7

= V¥, (effects ofy, Q, )

whereys; is a factor which takes account of the inaccuestgsessment of the effects of
loading such as unforeseen stress distributiohenstructure, inherent inaccuracies in the
calculation model, and variations in the dimensi@tauracy from measured values.

The value ofys; shall be taken as 1.1. (BD 21/01 cl.3.10).
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Assessment of Resistance
The assessment resistanceg,,Ri.e. yield strength of the component) shall le¢edmined

from the calculated resistance, Ruultiplied by the overall condition factor,, Rs follows:
- .R Eq.6.3 (BD 21/01 cl.3.1

Calculated Resistance
The calculated resistance, Betermined from material strengths and measuretiose

properties shall be calculated from the followixgmession:

R == function (f) Eq.6.4 (BD 201 cl.3.14)
Vi

wherey, is the partial factor for material strengtiuf, is the characteristic yieldesgth.

For wrought irory, = 1.2. (BD 21/01 Table 3.2)
Condition Factor

"If the measurement of sound thickness is not pbssor if there are other uncertainties in
the determination of resistance, a condition faEtgrshall be estimated to account for any
deficiencies that are noted in the inspection,daunot be allowed for in the determination
of calculated resistance RThe value of E, shall represent, on the basis of engineering
judgment, an estimate of any deficiency in the gritg of the structure.” (BD 21/01
cl.3.18).

Verification of Structural adequacy

Structures shall be deemed to be capable of carrie assessment load when the

following relationship is satisfied:

R, =S, Eq.6.5 (BD 21/01 cl.3.2
e.
F. . function A > Vs (effects of y, .QK) Eq.6.6BD 21/01 cl.3.20

m

For steel and wrought iron structures the relahgmsay be rearranged as follows:

Fe .function(f,) = (effectsof iz .QK) Eq.6.7(BD 21/01 cl.3.20
yfsym
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6.9 (b) Method of Analysis

Only ultimate limit state calculations were carriedt in accordance with BD 21/01
Chapter 3. For the purposes of this example odyMhAin Girder was assessed.

Given the substantial gusset and stiffening plateshe joining of the top and bottom
chords the analysis was conducted by treatingdimegl top and bottom chord as a plane
frame, that is braced internally throughout itsgiénby vertical and diagonal members.
Given the substantial riveting of the connectiohthe web members to the top and bottom
chords they were modelled as rigidly jointed. Pnatiary analysis has shown that this is
the most realistic assumption particularly withaefjto the support area.

The assessment of the girder was performed onghengtion that one end is fixed and
the other end is free to move longitudinally. Tmalgsis carried out was a linear elastic
analysis, without yield, using Oasys GSA. Bar eletaesimulated pin ended components
and beam elements simulated rigidly jointed compteThermal stresses were not
included in the analysis and buckling checks wesdgomed on compression members
using strut curve data for steel from BS5950.

6.9 (c) Material properties: Wrought iron

Characteristic yield strength = 220N/fam (BD/@1 cl.4.9)
Modulus of elasticity = 200,000 N/mMim
ym=1.2. (BD 21/01 Table 3.2)

The characteristic yield strength value of 220N/nfar wrought iron stated by BD 21/01
Is given as a general guide for material of sattsfy quality, but the standard also states
that when defects are present testing is requifddsts are carried out the characteristic

yield strength is given by

f, :¥—1.6457( 1+i] Eq.6.80 21/01 C1
Jn

whereo is the kown standard devialtion, to be ta®B6N/mm |
X is the mean of the testsults,
andn is the number of test results.
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The formula given in Eq.6.8 is based on the assmphat the standard deviation of
results is the same for the samples taken fronp#mgcular structure as that determined
from the larger number of results on which the gadfi 220 N/mris based. This method
is suitable for small numbers of results, thouga #tlowance for uncertainty given by
Eq.6.8 necessarily increases as the number otsasukduced.

An alternative, but similar method of calculatiig tcharacteristic yield strength from a set
of test results is given by Eq.6.9

f, =X-ko Eq.6.9 (Bussell I8¢

whereX is the mean of the test results,

ando is the standard deviation, given by

wheren is thaaumber of test results. Fkr factor Sexble 6.1.

No. of samples | 3 4 5 6 8 10 20 | o
k 3.37 263 | 233| 218 200 192 176 1.64
Table 6.1 Relationship between 'K' factor and number of dampBussell 1997)

It is stated in BD21/01 that "the yield stress abwught iron determined from samples
varies over a wide range, typically from 180 to 3M@mn?, and this range is not
necessarily much narrower when samples are takem tlhe same structure. It is therefore
unlikely that a few test results will provide anyra reliable information about the yield
stress of the material in the structure as a witwda the value of 220 N/nfmwhich is
based on a large number of tests."” (BD 21/01)

6.9 (d) Loading

Dead and Superimposed Dead Loads:

Unit masses: Wrought iron 7700 kg/m
Concrete (plain) 2300 kgfm
Stone 2600 kgim

Wearing surface 2400 kgim
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Because the entire road deck effectively hangs fiteenunderside of the main girders all
loading is applied to the main girders as pointd#oat the girder nodes (i.e. the locations of

the cross girders).

Carriageway Width between kerbs = 9.238m
Thickness of wearing surface (assumed) = 100mm
Thickness of stone setts = 100mm
Thickness of concrete filling = 100mm
Consider a 1m length of the carriageway (i.e. lardjnal direction).
Weight of 1 m length = volume of material x unitssa 9.81 N/kg
= (0.1m)(1.0m)(9.239m) x (2300 kd)m 9.81 N/kg (Concrete)
+(0.1m)(1.0m)(9.239m) x (2600 kd)m 9.81 N/kg (Stone)
+(0.1m)(1.0m)(9.239m) x (2400 kd)m 9.81 N/kg (Wearing surface)
= 66.2 kN
Total weight of carriageway = (66.2 kN/m) x (lengthcarriageway)
= (66.2 kN/m) x (37.622m) =  24&N
Weight of carriageway transmitted to each mainegird (2491kN) / 2 = 1246 kN
This load is transmitted to the main girder by nseahl4 cross girders.
Therefore, nodal loads from carriageway dead leaiP46kN / 14= 89 kN

Design nodal load = unfactored nodal loag x = (89 kN)(1.75) -155.7kN

Footways:  Width of each footway = 2.66m
Total thickness of footway (concrete and paviagps) = 340mm
Consider a 1m length of one footway (i.e. longitididirection)
weight of 1 m length = volume of material x unit$sa 9.81 N/kg
= (0.340m)(1.0&E6mM) x (2300 kg/m x 9.81 N/kg (Concrete)

=20.4 kN
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Total weight of one footway = (20.4 kN/m) x (lengihfootway)

= (@&N/m) x (37.622m) = 767 kN
This load is transmitted to the main girder by nseanl4 cross girders.
Therefore, nodal loads from weight of footway = K87 14=54.8 kN

Design nodal load = unfactored nodal loag, x = (54.8 kN)(1.75) 9©5.9kN

Short Longitudinal Girders

Cross sectional area = 0.012852m

length = 2.463m

Weight of one short girder = (0.012859(2.463m)( 7700 kg/M(9.81N/kg) = 2.39kN
Each cross girder supports one end of 34 shoreigrd

Total weight of short girders transmitted to eaadss girder = [(2.39kN)(34)] / 2 = 40.6kN
Total weight of short girders transmitted to mairdgr node via cross girder = (40.6kN)/ 2
= 20.3kN.

Design nodal load = unfactored nodal loag, x = (20.3kN)(1.05) 21.3kN

Cross Girder

Cross sectional area = 0.074589m

length = 16.916m

Weight of one cross girder = (0.074589(16.916m)( 7700 kg/M(9.81N/kg) = 95.3kN
Weight of cross girder transmitted to main girdede = (95.3kN) / 2 = 47.7kN.

Design nodal load = unfactored nodal loag, x = (47.7 kN)(1.05) 50.1 kN

Live loads (carriageway):

The structure was assessed for Type HA loadingkaiid edge load (KEL) equivalent to a
40 tonne assessment live loading in accordance@htpter 5 of BD 21/01.

Footway loading of 5 kN/fiwas considered in combination with carriagewayliog.
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Width of carriageway (measured between kerbs) 3&@h2(actual)

deck span (centre to centre of bearings) = 37.6@2tual)

Loaded length = 38m (rounded)

Number of notional lanes = 3 (BD 21/0dable 5.1)
Notional lane width = 9.238m /3 = 3.079m

Type HA loading (UDL) = 29.4kN/m (per notional &n (BD 21/01 Table 5.2)
Knife edge load (KEL) = 120kN (per notional lane) (BD 21/01 cl. 5.18)
The KEL shall be applied at one point only in tbaded length of each loaded lane (BD
21/01 cl. 5.19).

The HA UDL and KEL are to be dividing by the followg adjustment factor (AF)

For20<L <40

AF = 1+(—aL j( 2—£j
25-1)\© 20

wherea, = 3.65m and L is the loaded length (m). (B 21/01 cl.5.23

= AF=124

Adjusted HA UDL = (29.4kN/m) / 1.24 = 23.7 kN/m

Adjusted KEL = (120kN) / 1.24 = 96.8 kN.

Design HA UDL = (23.7 kKN/m) x5 = (23.7 kN/m) (1.5) 85.6 kN/m

Design KEL = (96.8 kN) ¥ = (96.8 kN) (1.5) 245.2 kN (BD 21/01 Table 3.1)

The most severe loading position of the KEL is & apan.

Total KEL (3 notional lanes) = 3 x (145«R) = 435.6kN

KEL load transmitted to each of the two nearessegirders = 435.6kN / 2 = 217.8kN
KEL load transmitted to each main girder from oress girder = 217.8kN / 2 309 kN

(See Figure 7.22 for illustration of loaded mairdgr)

Total HA load on entire deck = No. of notional lane(35.6kN/m) x (length of deck)

% 335.6kN/m) x (37.622m) = 4018 kN
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Total HA load per main girder = 4018 kN / 2 = 2080k
This load is transmitted to the main girder by nseanl4 cross girders.
Therefore, design nodal loads from HA loading =200/ 14= 143.5kN

(See Figure 6.22 for illustration of loaded mairdgr)

Live loads (footway): Width of each footway = 2.66m

Total unfactored load on one footway = (37.622n6)%2)(5 kN/nf) = 500kN
This load is transmitted to the main girder by ngeanl4 cross girders.
Therefore, nodal loads from unfactored live loadastway = 500kN / 14 35.7kN

Design nodal load = unfactored nodal loag, x = (35.7kN)(1.5) 53.6kN

Load type Magnitude (kN)| Location of load on Maiirder
Carriageway (Superimposed Dead 155.7 Every bottoond node
Footway (Superimposed Dead) 95.9 Every bottom chorté

Short girders (Dead) 21.3 Every bottom chord node
Cross girder (Dead) 50.1 Every bottom chord node
Carriageway (Live: Type HA) 143.5 Every bottom ahoode
Carriageway (Live: Type KEL) 109 Two central nodedy
Footway (Live) 53.6 Every bottom chord node

Table 6.2 Summary of loads applied to main girder in analysi

The self weight of the main girder is taken intc@mt in the computer analysis model.

] e
R .

520 kKN 520 kN 520 kN 520 kN 520 kN 520 KN 629 KN 629kN 520 kN 520 kN 520 kN 520 kKN 520 kN 520 kN

Figure 6.22 Loads used in analysis of Irwell Street Bridge.
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6.9 (e) Condition Factor (Fc): (Main Girder)

Top chord

The components are in good condition and no losseofion was observed. A condition
factor of 1.0 in the middle and 0.9 at the suppegion (to allow for any corrosion effects
in the areas where access for efficient repaintngt possible) were applied.

Bottom chord

No loss of section is evident, but some corrosgpassible on the interface between the
deck and the bottom chord. It is also possiblectmrosion to occur inside the U-shaped
member due to inefficient drainage. An overall éacif 0.9 was applied.

Diagonal Ties and Vertical Hangers

These components were is good condition so a aondactor of 1.0 was applied.

6.9 (f) Results of Structural Analysis- Unstrengthened bridge

The results of the analysis for a 40 tonne assesslwe loading are given in Table 6.3.
The bridge was strengthened in 1926. The analgsiglts given in Table 6.3 are for the
bridge prior to this strengthening. The unstrengéake bridge was analysed in order to
demonstrate the reason for strengthening.

The strength of a componentsRis related to the load effectsa($by a factor U defined
as the "Usage Factor", which represents the ra{ib % . Values of U greater than 1.0

indicate a non-compliance with current assessntandards.

" effects of .
U = S_A = Jis ( y; QK) gE6.10 (from Eq.5 and Eq.¢
R, F. . function —&
Vn
_ 1.1(effectsof Va .QK)
- = 220N/mnf
©’ 1.2
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Component Component | Condition | Ra Sa (Axial + U Comment
Type Number Factor (B) | N/mn? Bending stress)
(N/mn)
Top Chord 61 1.0 183 -17Q 0.98
66 1.0 183 -82.6 0.45
67 1.0 183 -83.1 0.45
68 1.0 183 -83.1 0.46
73 1.0 183 -155 0.85
83 1.0 183 -151 0.82
84 1.0 183 -138 0.75
Bottom Chord 86 0.9 165 98.7 0.60
87 0.9 165 73.] 0.44
92 0.9 165 72.0 0.44
93 0.9 165 72.] 0.44
94 0.9 165 71.9 0.44
99 0.9 165 71.5 0.48
100 0.9 165 92.( 0.5p
Vertical ties 10 1.0 183 30.2 0.16
13 1.0 183 29.2 0.16
14 1.0 183 29.6 0.16
17 1.0 183 31.0 0.1y
77 1.0 183 99.1 0.54
38 1.0 183 183 1.00
39 1.0 183 180 0.98
48 1.0 183 173 0.94
49 1.0 183 179 0.98
78 1.0 183 94.3 0.51
Diagonal Ties 4 1.0 183 34.Q 0.19
23 1.0 183 38.4 0.21
27 1.0 183 364 1.99 | Later strengthened
40 1.0 183 321 1.75 | Later strengthened
43 1.0 183 24.1 0.18
44 1.0 183 25.2 0.14
45 1.0 183 301 1.64 | Later strengthened
47 1.0 183 342 1.87 | Later strengthened
Diagonal 3 1.0 183 -200 1.09 | buckled
Struts 5 1.0 183 12.6 0.07
22 1.0 183 10.7 0.06
24 1.0 183 -217 1.18 | buckled
28 1.0 183 -26§ 146
46 1.0 183 -251 137

Table 6.3 Results of structural analysis of unstrengthemae!l Street Bridge

BUCKLED

BUCKLED

STRENGTHENED STRENGTHENED

Figure 6.23 Irwell Street Bridge component numbers used inlysig Blue indicates tension and red

indicates compression.

Figure 6.24 Exaggerated deflected form of bridge.
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6.9 (g) Results of Structural Analysis - strengthened bridge

The results of the analysis for a 40 tonne asseasslive loading on the bridge after the

1926 strengthening are given in Table 6.4.

Component Component | Condition | Ra Sa (Axial + U Comment
Type Number Factor (B) | N/mn? Bending stress)
(N/mn)

Top Chord 61 1.0 183 14 0.08

66 1.0 183 -37 0.20

67 1.0 183 -39 0.21

68 1.0 183 -38 0.21

73 1.0 183 -1 0.0(

83 1.0 183 124 0.68

84 1.0 183 69 0.38
Bottom Chord 86 0.9 165 100 0.61

87 0.9 165 40 0.24

92 0.9 165 70 0.42

93 0.9 165 71 0.43

94 0.9 165 71 0.43

99 0.9 165 48 0.29

100 0.9 165 81 0.49

Vertical ties 10 1.0 183 30 0.16

13 1.0 183 28 0.16

14 1.0 183 30 0.16

17 1.0 183 32 0.17

77 1.0 183 39 0.21

38 1.0 183 56 0.31

39 1.0 183 30 0.16

48 1.0 183 32 0.18

49 1.0 183 63 0.34

78 1.0 183 39 0.21
Diagonal Ties 4 1.0 183 31 0.17

23 1.0 183 42 0.23

27 1.0 183 184 1.00 | After strengthening

40 1.0 183 21Q 1.15 | After strengthening

43 1.0 183 2] 0.11

44 1.0 183 28 0.16

45 1.0 183 207 1.13 | After strengthening

47 1.0 183 182 0.99 After strengthening
Diagonal 3 1.0 183 -113 0.62 Previously buckled
Struts 5 1.0 183 14 0.0§

22 1.0 183 8 0.04

24 1.0 183 -154 0.84 Previously buckled

28 1.0 183 -178 0.97

46 1.0 183 -163 0.89

Table 6.4 Results of structural analysis of Irwell Streetdge after 1926 strengthening work was carried out.

Comparison of the analysis results for the bridgiote and after strengthening show that

prior to strengthening the members which buckletisti because they were over stressed,

as were the diagonal ties that were later strengtheHowever, two of the strengthened

diagonal ties are still over stressed under modssessment load. Yet this has no practical

effect on the strength of the bridge as a wholeerEwith two of the diagonal ties
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registering as over stressed the principal memtdfettee bridge, namely the top and bottom
chords are still quite below limit state violatiofhe most important member of the main
girder is the bottom chord, as the entire road dekgs from it. The maximum stress in
the bottom chord is only 74N/nfmGiven the safety margin of the principal membsnd
the amount of cross bracing in the web of the gjrtkee minor limit state violation of two

diagonal ties may be allowed without further acto@mng required

This analysis was conducted in accordance witlstiedard BD 21/01 The Assessment of
Highway Bridges and Structures, which uses 220N7msrthe characteristic yield strength
of wrought iron. However, one of the conclusionshi$ research project is that 220N/fmm

is too high a value for the characteristic yieledsgth of wrought iron. The bridge is made
of plate iron, bar iron and angle iron, which actieg to this research project has
characteristic yield strength values of 187N/m&61N/mnf and 200N/mrhrespectively.
Therefore, if one were to use these values of cheniatic strength in the assessment, one
would find that by direct comparison of the usagetdr of any one particular component
the bridge has a lower safety margin, as showrhbyalues in Table 6.5. In addition, a
number of diagonal ties exhibit limit state viotatj but the principal members, such as the
top and bottom chords, do not, nor do the verties. Therefore, one may conclude that
although the bridge has members which registevas siressed under modern assessment
loading, these members are not critical to theinaet function of the bridge in carrying
the required load. The over stressed regions a¥edihgonal web members near the
supports but the top and bottom chords at any pmiet the entire bridge are not over
stressed. Given that the top and bottom chordagsther as a rigid frame rather than a
truss, the over stressing of some of the diagorahbers may be acceptable as it appears
to have little effect on the overall safety marginthe structure. In this case the overall

safety margin of the structure is based on thesti®in the top and bottom chords alone.
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Component Component | Condition | Ra S, (Axial + U Comment
Type Number Factor (B) | N/mn? Bending stress)
(N/mn)

Top Chord 61 1.0 156 14 | 0.09

62 1.0 156 -13 | 0.08

66 1.0 156 -37 | 0.24

67 1.0 156 -39 | 0.25

68 1.0 156 -38 | 0.25

73 1.0 156 -1] 0.01

83 1.0 156 124 | 0.80

84 1.0 156 69 | 0.45
Bottom Chord 86 0.9 140 100 | 0.71

87 0.9 140 40 | 0.28

88 0.9 140 54| 0.38

92 0.9 140 70 | 0.50

93 0.9 140 71| 051

94 0.9 140 71| 051

99 0.9 140 48 | 0.35

100 0.9 140 81| 0.58

Vertical ties 10 1.0 167 30| 0.18

13 1.0 167 28 | 0.17

14 1.0 167 30| 0.18

17 1.0 167 32| 0.19

77 1.0 167 39| 0.23

38 1.0 167 56| 0.34

39 1.0 167 30| 0.18

48 1.0 167 32| 0.19

49 1.0 167 63 | 0.38

78 1.0 167 39| 0.23
Diagonal Ties 4 1.0 126 31| 0.24

23 1.0 126 42 | 0.33

27 1.0 126 184 | 1.46 | Strengthened 1926

40 1.0 126 210 | 1.67 | Strengthened 1926

43 1.0 126 21| 0.7

44 1.0 126 28 | 0.23

45 1.0 126 207 | 1.64 | Strengthened 1926

47 1.0 126 182 | 1.44 | Strengthened 1926
Diagonal 3 1.0 126 -113 | 0.90 | Braced 1926
Struts 5 1.0 126 14| 0.11

22 1.0 126 8| 0.06

24 1.0 126 -154 | 1.22 | Braced 1926

28 1.0 126 -178 | 1.42

46 1.0 126 -163 | 1.29

Table 6.5 Results of analysis of strengthened Irwell StBrédge using lower characteristic yield strength
values. (i.e. 187N/mfrfor plate iron, 151N/mffor bar iron, and 200N/mfrfor tee iron).

6.10 (a) Application of the proposed assessment method to Irwell Street Bridge

The proposed method fits into the current assessmethod in that it only provides a
different way of calculating the component resise@anThe difference being that the
proposed method takes into account a closer exaioinaf the quality of the material and

the significance of the component within the swuet Under the current method the

component resistance (i.e. design yield strengtig)ven by:
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R =F,.R =F 1Lk2 =F. .W roim Eq.6.3 and Eq.6

Under the proposed method the component resistampeen by:

R =F .R =F B
1.2a

where f, is the characteristic yieldestgth depending on component ty
a is the significance factor of the component,

andg is the quality factor of the compant type, based on ductility.

The values ofy andf are determined from a database of test resulisronght iron and
not on any tests of samples from the structuregoassessed. The reason for this is to
avoid misleading assumptions about strength or nesk based on examination of just a
few samples. Even the current assessment standaf2d/@&L concedes that a few test
results will not provide any more reliable inforneat about the yield stress of the material
in the structure than the value determined fromrgd number of tests.

The values otx and g to be used in the assessment of Irwell StreetgBrigre given in

Table 6.6
Characteristic yield a factor range B factor
strength
Plate iron (along grain) | 187 0.634 - 0.761 0.761
Rectangular and Round| 151 0.794 - 0.953 0.953
bars
Angles and Tees 200 0.797 - 0.956 0.956

Table 6.6 Parameters used in design strength adjustmearh Fable 5.4.

Assessment of the web members of the main girdarguhe proposed method, provides a
good example of the method, because some of thesebers were found to be over
stressed under the current method, yet did nottrestrailure of the structure or further
strengthening action being taken. These membersamecritical and the steps in the

proposed assessment procedure which apply to thesders are outlined in Figure 6.25
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1. perform structural analysis
under factored loads

|

2. Calculate load effects
(i.e. stresses)

]

3. Classify structure as statically
determinate or indeterminate

If statically
indeterminate

4. Choose a member to assess
(i.e. component X)

|

Is component X critical ?

5 Identify the critical member (C) most influenced
by the loss of component X

13. Consider more extensive group damage events
until resistance of critical element C is exceeded.
This will indicate robustness of structure.

Comoponent is
adequate

yes

Component is
inadequate but
non-critical

Is usage factor < 1.0 ?

|

12. Calculate usage factor of component Z within intact
structure using Eq.6.10

|

6. Calculate reduction in initial stress safety margin of

component C caused by removal of component X, using Eq.5.6

11. Calculate adjusted design yield strength
of component Z using Eq.5.2

Is reduction in safety
margin of component C
very small

7. Consider removal of component X
+ nearby component Y
+ nearby component Z
(i.e. group damage event)

10. Calculate significance factor
of component Z using Eq.5.11

9. Determine the significance of component Z by using
the reduction in the initial stress safety margin of
component C in Eq.5.12

8. Calculate reduction in initial stress safety margin of component C
caused by removal of component Z, using Eq.5.6,
(components X and Y have already been removed)

Figure 6.25 Outline of steps in proposed method for the assessof the girder web members.

The present example of Irwell Street Bridge is mgeterminate structure consisting of a
rigid frame in the form of a truss. The analysighe unstrengthened bridge has shown that
the structure can withstand some damage and recnaipletely functional. The evidence
for this is the stress safety margin of the priatimembers, namely the top and bottom
chords, and the obvious functionality of the bricdgen when some of its members were

calculated to be in limit state violation. The masitical elements of the bridge are the
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bottom chords. In Step 5 each web component listethble 6.5 was removed from the
structure one at a time to see what reductionresstsafety margin occurred in the top and
bottom chords. The member in the top or bottom a¢hehnich was most affected by the
loss of the test component was used as a refepaioeon which to base significance. In
other words the ratio of the greatest reductioth@initial stress safety margin of the top
or bottom chord, to the safety margin of the saawallty within the intact structure was
taken as the measure of significance. (see Egs &ach member was removed its effect
on the chord members was recorded, and this provédscale of significance for the
members that were removed. However, it was obsdhagdthe loss of an individual web
member on its own had very little effect on theesses in the chord members. The reason
for this is that the structure was modelled asgadrframe, so that the loss of just one

relatively slender web element would have litti=ef on the overall structure.

Although the removal of a single member providekgical way of determining the

significance of a particular member within the attatructure, it does not provide a very
useful measure of significance for non criticalneémts, when the effect on the safety
margin of the structure of losing the element isy\v@mall. Furthermore, it does not take
into account the possible simultaneous loss obamof members, such as might occur in

an explosion, or if a truck crashed into the sifithe bridge.

Under the proposed method significance is a vagigohntity that depends on the state of
the structure. The members of a damaged structerenare significant than in an intact
structure, because there are fewer of them prdseshare the load. In Chapter 8 it is
shown with reference to Liverpool Lime Street Stafithat under the proposed method,
when one member is lost, the significance of thmaiaing members increases. It is
possible to calculate the significance of membadsvidually in a progressive collapse

mechanism, where one member fails after anothaefbre, it is proposed that in a group
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damage event, i.e. where a number of members streitaultaneously, the significance of
each should be calculated as if lost sequentially.
Steps 8 and 9 of the procedure involve the caliculaif significance of a component when

the component is involved in a group damage scenatri

The result of both interpretations of significansethat a member will have a certain
individual significance if it is part of the intastructure, but it will have a greater value of

significance if it is imagined to be lost as pdragyroup damage scenario.

6.10 (b) Step 6: Component significance based on loss of one element only.
Member no.23 will be used as an example of howaloutate component significance
within the intact structure. The significance afamponent is given by:

greatest reduction in local safety margi structure

significance of removed member g :
local safety margin of intact structure

(from EQ.5.12)

In this case the greatest effect on the chord mesmkden member no.23 is removed, is
an increase in the bending moment in the bottonrd;hdirectly below the removed
member. The total stress in this part of the bottmord increases from 70N/minto
77N/mnf when member no.23 is removed. Therefore,

Initial safety margin before removal of no.23 =87IN/mnf - 70 N/mnf = 117 N/mni

Initial safety margin after removal of n0.23 = 718/mnf - 77 N/mnf = 110 N/mnd
Applying Eq.5.6, the reduction in the initial stsesafety margin, due to the removal of
member n0.23 = 117 N/nfrm110 N/mnf = 7 N/mnd.

Therefore the significance of member no.23 is givgn

7N/mnt

- 0.06 6:0% from EB.12
117N/mmi ° ( 6.12)

significance of member no.23

By following this procedure the individual signifince values for the members of the

structure are calculated as shown in Table 6.7.

206



Component S, of bottom chord| Local initial safety | Reduction in Significance of

removed (N/mn) margin of bottom | initial safety removed componen
chord (N/mr) margin (N/mnd) | %

Intact structure 70 117

43 71 116 1 0.9

14 72 115 2 1.7

22 68 119 0 0

23 77 110 7 6.0

17 70 117 0 0

Table 6.7 Significance of members within intact structure

In Table 6.7 it can be seen that member no.17texgigs having zero significance. This
does not mean that it has no function. Within tt@dt structure member no.17 carries a
tensile stress of 22 N/nfimand so, is a functioning member of the structBrg.when it is
removed the forces within the web members altghslf to compensate for the loss, with
the consequence that the stress in the bottom datmed not alter. Thus in terms of the
bottom chord, member no.17 is insignificant, butsitonly insignificant because it has
other members around it to compensate for its 13¢ss example demonstrates that
removal of a single non-critical member can leadatamisleading interpretation of
significance, and in that case more than one mewsit@uld be removed to determine the

functioning significance of a component, as is don8tep 7

6.10 (c) Step 7: Component significance based on loss of a group of elements.

In calculation of significance based on the sirglent loss of a group of components, the
group of components removed should be adjacentn® another because this will
correspond to the most adverse damage event, hsitallso the most realistic damage
scenario because a truck crash will most likelytrdgsa group of components in close
proximity to each other. As an example, considerdéntral group of web members. The
group damage event consists of the loss of the rammim the following sequence:
member nos. 43, 44, 14, 22, 23, and is illustratelfigure 6.26 The local reference point
for calculation of safety margin is the bottom ahaevhere it is joined to the vertical tie

member no.14.
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Figure 6.26 Group damage scenario used to determine signdecahlost members. Member No. given.

Components removed ADf Local initial safety | Reduction in Significance of
bottom | margin of bottom | initial safety removed
chord chord margin of chord component

(N/mn?) (N/mn?) (N/mn) %

Intact structure 70 11y -1- -1-

43 + 44 71 116 1 0.9

43 + 44 44 + 13 73 114 2 1.7

43 + 44 +14 + 13 22 75 112 2 1.7

43 +44 +14+ 13+ 2223 93 94 18 15.4

43 + 44 +14 + 13 + 22 23 +17 97 90 4 3.4

Table 6.8 Significance of members involved in the singlerdavdamage scenario depicted in Figure 6.26

As an example of how the values in Table 6.8 wdésined consider the removal of
member no 23 from the damaged structure. In ttge das imagined that members 43, 44,
14, 13 and 22 have already been lost, and then erenob23 is removed.

Because of the way significance has been definedngponent with a significance less
than 100% may be essential for stability. The degiabout the criticality of a component
is not based on its percentage value of signifieabait should be based on the design
safety margin of the structure after the loss @& tomponent. If loss of a component
results in the design safety margin of the strictieducing to zero then the removed
component is a critical component. The design gafedrgin is based on the design yield

strength, which is the strength of a componentr dfte adjustment for significance and

quality have been made.
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The significance of member no.23 is based on ttheat@n in the initial safety margin of a
nearby critical component. In this case the bottdmard of the girder was chosen as the

critical member most influenced by loss of membz28.

With the girder in its damaged state, after theaeah of members 43, 44, 14, 13, and 22
the bottom chord has a local total stress of 75mfiresulting in a local design safety
margin of 65N/mm After the removal of member no.23 the stresshim tiottom chord
increases to 93N/mimthereby reducing the safety margin of the botatiord to 47N/mrh
The reduction in the safety margin resulting frohe tremoval of member no.23 is
65N/mnt - 47 N/mnf = 18 N/mnf. Therefore, the significance of member no.23 i
by:

Reduction in initial safety margin ofratture
after removal of component X

significance of component X — . -
Initial safety margin of intact structure

Eq.5.12 (repeated)

18 N/mnt

= =0.154=154%
117 N/mndf

significance of member no.23

It is clear from the values in Table 6.8 that thesinsignificant member in the group,
involved in the damage event, is member no 23, usds loss resulted in the greatest
incremental reduction in the safety margin of tlaétdom chord. In Step 6 the significance
of member no.23 was determined by simulating remof/aust that member alone, and in
that case the significance was calculated to b#6@early, when components are lost as
a group their significance is greater. The lowdugaf 6.0% significance would lead to a
higher design vyield strength for the component.ngsihe larger value of significance

would lead to a lower design yield strength anthé&efore a safer approach to assessment.

This example shows that the safest approach tssssait under the proposed method

involves simulating the worst case damage sceretbit is not necessary to simulate the
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loss of individual components unless those compoasnobviously critical components.

The chords of a truss are obviously critical congas. Therefore, the loss of a single part
from a chord member would be regarded as a sigmficlamage event and should be
simulated in order to determine the significanceéhef removed part. This is illustrated for

the bottom chord of the roof trusses of Liverpowhé Street Station in Chapter 8.

6.10(d) Steps10and 11: Calculation of design yield strength of components

Member no.23 will be used as an example of howctiraponent resistance is adjusted.
This member is a diagonal web member consistirgyfzt bar.

Firstly, the significance factar used in adjusting the component resistance igrdeted

as follows

The size of the value range is given by

highesta — lowesr = 0.953 0.794 0.159 (from dble 6.6
15.4% of 0.15% 0.0245

= @ value corresponding to 15.4% significarce 0.#90.0245= 0.818

Therefore, the resistance for this component caedpested using Eq.5.2 as follows:

F.(151 N/mnt )3 _ 1.0(151N/mm )(0.953)

new design yield strength 147 N/mnf
1.2a 1.2(0.808)
Without this adjustment theomponent resistance would bw 126 N/mndi

Therefore, under the proposed method a non criticalponent has a higher design yield

strength than under the current assessment method

The design safety margin of the component (i.e. bemo. 23) is given by:

Design safety margin of member = adjastiesign strength - stress in compor
= 147N/mrh—  42N/mfn
=105 N/min
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Without this adjustment in the design yield strénghe design safety margin of the
component within the intact structure would be 1260 - 42N/mnf = 84N/mnf.
Therefore, the proposed method provides a greafatys margin than the existing

assessment method, in cases where members areticah. c

6.10 (e) Step 6 applied to the web membersnear the girder supports

The analysis results of Section 6.9(g) showed that most stressed members in the
structure are the diagonal web members near thpostsp and that under the current
assessment method some of these members exhiltitstate violation. The proposed

assessment method, provides an adjusted compoesigndyield strength, and in the case
of non critical members provides a more accommadalimit state. In this section the

significance of the diagonal web members in theoregear the supports is determined by
considering a group damage event consisting ofas® of members 24, 40, 27, and 28.
The most acute consequence of this event, withrdeigathe bottom chord, is an increase
in the bending moment in members 87 and 88 (whicheality are the same member).
This member is used as a reference point on wilucbase the significance of the lost

members.

ROLLER
SUPPORT

FIXED 87
PIN
SUPPORT

FIXED 87 ROLLER
PIN SUPPORT
SUPPORT

Figure 6.27 Group damage scenario used to determine significahlbst members. Member numbers are
given.
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The procedure for determination of component sigaifce is the same as demonstrated in

Section 6.11 (c). The results are summarised ineT&al.

Components S, of bottom Local initial Reduction in | Significance of
removed chord safety margin of| initial safety removed
(N/mn) bottom chord | margin of chord| component
(N/mn) (N/mn) %

Intact structure 54 138
24 61 126 7 5.3
24 +40 83 104 22 16.5
24 +40 28 95 92 12 9.0
23 +40 +28 €27 215 0 92 69.2

Table 6.9 Significance of members within damaged structure

The analysis results summarised in Table 6.9 shHwt temoval of all four diagonal
members near the supports will result in an inigafety margin of zero in the bottom
chord. This is limit state violation. Removal otthrst three members, namely 24, 40 and
28 did not result in limit state violation. Theredothe structure can withstand the loss of
these members but member no.27 is left as a ¢rhember if this occurs. The final step
in the proposed method is to calculate the adjustesign yield strengths of the

components and their adjusted usage factors

6.10 (f) Steps9to 12: Calculation of adjusted component resistance and usage factor

The component design yield strengths, with and auttihe use of the andp factors, are
given in Table 6.10. In both methods reported ibl&&.10 the lower characteristic yield
strength values, determined during this researofegt; (i.e. 151N/mrmfor bar iron and
200 N/mnf for angle iron) were used. The 'Full Method' desjield strength uses the
lower characteristic yield strength values in additto the use of the andf factors.
Clearly the inclusion of the influence of componeignificance and ductility serves to
increase the design yield strength and thus resaolta lower usage factor for all
components. None of the components considered evéirgal components on their own,
so the proposed method has a noticeable effeeigistering the components as safer than

previously recorded.
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Member | Significance « Full Design yield Full Full Usage
of member Method strength Method Method factor
% design without design usage without
yield o orf safety factor aorf
strength (N/mn) margin of U U
(N/mn) component
(N/mn)
43 bar 0.9 0.795 151 126 130 0.14 0.17
44 bar 0.9 0.795 151 126 123 0.19 0.23
13 angle | 1.7 0.800 199 167 171 0.14 0.17
14 angle | 1.7 0.800 199 167 169 0.15 0.18
22 bar 1.7 0.797 151 126 143 0.05 0.06
23 bar 15.4 0.818 147 126 105 0.29 0.33
17 angle | 3.4 0.802 199 167 167 0.16 0.19
24 bar 5.3 0.802 149 126 buckled 1.03 1.22
40 bar 16.5 0.820 146 126 0 1.44 1.67
28 bar 9 0.808 148 126 buckled 1.20 1.42
27 bar 69.2 0.904 133 126 0 1.39 1.46

Table 6.10 Component design yield strengths with and withamjtistment factors applied.

However, four of the components still register adating the ultimate limit state. These
components are the ones that were imagined to e lost in Section 6.10 (e), in which
it was determined that if all four of these membamnes lost the structure would be unsafe
under the 40 tonne assessment loading. The reakgntinese members register as over
stressed under the proposed method, while undercdh@nt method they are not, is
because the current method uses 220N/asrthe characteristic yield strength for wrought
iron, whereas the proposed method uses yield strevegjues of 151N/mfand 200
N/mn? for bar iron and angle iron respectively.

If the proposed method retained the use of a genetme of 220N/mrh as the
characteristic yield strength of wrought iron, vehdpplying thex andp factors, the results

in Table 6.13, under column heading 'Partial Methwduld be achieved.
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Following the same procedure as in sections 6.)0a(@ (e) the

components would be calculated as shown in Tablglsd@hd 6.12.

significance of

Components removed ADf Local initial safety | Reduction in Significance of
bottom | margin of bottom | initial safety removed
chord chord margin of chord component

(N/mn) (N/mn) (N/mn) %

Intact structure 70 117

43 + 44 71 116 1 0.9

43 + 44 44+ 13 73 114 2 1.7

43 + 44 +14 + 13 P2 75 112 2 1.7

43 +44 +14 + 13 + 2223 93 94 18 154

43 + 44 +14 + 13 + 2223 +17 97 90 4 3.4

Table 6.11 Significance of members involved in the group dgenavent depicted in Figure 6.26

Components S, of bottom Local initial Reduction in | Significance of
removed chord safety margin of| initial safety removed
(N/mn) bottom chord margin component
(N/mn?) (N/mn) %
Intact structure 54 133 ---
24 61 126 7 5.3
24 +40 83 104 22 16.5
24 +40 28 95 92 12 9.0
23 +40 +28 ®7 215 0 92 69.2

Table 6.12 Significance of members involved in the group dgenavent depicted in Figure 6.27

Member | Significance of Partial method| Full method Partial Full Current
member design yield | designyield| method method method
% strength strength usage usage usage
And (N/mn) (N/mn) factor factor factor
(o factor) ) ) )
43 bar 0.5 (0.795) 220 130 0.10 0.14 0.11
44 bar 0.5 (0.795) 220 130 0.13 0.19 0.16
13 angle | 1.0 (0.799) 219 199 0.13 0.14 0.16
14 angle | 1.0 (0.799) 219 199 0.14 0.15 0.16
22 bhar 1.0 (0.796) 220 130 0.04 0.05 0.04
23 bar 9.6 (0.809) 216 127 0.20 0.29 0.23
17 angle | 2.1 (0.800) 219 199 0.15 0.16 0.17
24 bar 3.7 (0.800) 218 129 0.71 1.03 0.84
40 bar 12 (0.813) 215 126 0.99 1.44 1.15
28 bar 6.4 (0.804) 217 128 0.82 1.20 0.97
27 bar 49 (0.872) 201 122 0.95 1.39 1.00

Table 6.13 Significance of members within damaged structure

In Table 6.13, 'Full Method' refers to the useavfér characteristic yield strength values of

151N/mnf and 200 N/mrh for bar iron and angle iron respectively, andides the use

of theo andp factors. 'Partial Method' refers to the use of RZ@nt as the characteristic

yield strength for wrought iron and includes thes & thea and p factors. 'Current

Method' refers to the use of 220 N/fas the characteristic yield strength for wrougm i

and does not include the use of thendp factors. The current method is that employed by

BD21/01.
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From Table 6.13 it can be seen that the partiali@mn of the proposed method leads to
the least conservative assessment method andemsgtbie structure as completely safe
under assessment loading. Yet its application igmane of the main findings of this

research project, which is that the characteriggéld strength of wrought iron is less than
220N/mnf. Under the full application of the method the stanes may be deemed unsafe
because an excessive number of non critical compenare over stressed, such that,
collectively they lead to the overstressing of iiaal member, namely the bottom chord.
This conclusion was reached by simulating the tdgke four over stressed members. But
in the intact truss the over stressed membersstililifunction in carrying load. Some may

buckle and some may deform plastically under assess loading, but the tension

members will still perform full load carry functioifhus the safety of the structure due to

over stressing of some web members may not bedesmmed as depicted in Figure 6.27.

Under the current method of assessment the ovessstl members (i.e. no. 40 and 27) are
allowed to remain in place without further streregtimg. This is because these members
are not considered significant and only two of them@ overstressed. It would appear that
sensible engineering judgment is applied afterusage factor results are obtained. The
proposed method strives to incorporate sensibleneagng judgement into the workings
of the assessment by use of a measure of sigriicand quality. In doing so the usage
factor results for the 'partial method' show thatmembers of Irwell Street Bridge are
overstressed under modern assessment loading.

However, it is recommended not to ignore the caiolu from the data collected during
this research about the lower characteristic ystdngth of wrought iron. The limit state
violation in the bottom chord, resulting from tingpothetical loss of the four over stressed
diagonal members 24, 40, 28 and 27, consists efsilé stress of 215N/nfnat the top
edge of the trough shaped bottom chord in memb&7ndt is possible that the plate iron

of which the bottom chord is made is stronger ttencharacteristic value of 187N/fm
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and this explains the stability of the bridge. dft nhis, then it is possible that the bottom
chord can accommodate some plastic deformatiotsaduter edge, with the bulk of the
section remaining elastic. This may allow redisttibn of stresses within the rigid frame
such that the structure remains functional and. 42 it is most likely that limit state
violation is avoided simply because the structucke ribt lose the diagonal members in
guestion. They may be over stressed, but theytaliréuactioning to their fullest capacity.

In that case, analysis of the intact structure absvéhat even though some of the diagonal
members may be overstressed the greatest strdhe imottom chord at the location of

member no. 87 is just 40N/nfrtsee Table 6.4) and thus the structure is qufee sa
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) 15850 )
o i Top chord flange = 7 layers of 14.3mm plate 5 4
Top flange fixed to 16mm thick web plate with
100 x 100 x 16mm angle iron
Rivet pitch = 100mm 150 x 75 x 12.5 mm T-iron
Rivet diameter = 22.2mm Rivet pitch 140mm

Rivet diameter 19mm
[T~ Cross bracing 50 x 50 x 10mm angle

4695

50mm Concrete paving slab:
Tete paving siabs Roadway Surfacing 100mm

16mm curved plates riveted
Concrete Filling 200mm to supporting girders

5 6.60.6.0.0.00

/

Cross girder depth at ends = 813mm

Bolts 25.4mm diameter Mid-span depth of cross girder = 1041mm. Web plate = 12.5mm thick.

" Small girders 610mm deep composed of 9.5mm web plate. . .
No. of bolts = 24 at each end of cross girder Top and bottom flanges are each composed of 5 plates of width 457mm x 11mm thickness each.
Flanges formed from 75 x 75 x 12.5mm angles. Angle iron is 100 x 100 x 16mm

Rivet pitch = 100mm - "
. ) _ Rivet pitch = 100mm
Rivet diameter = 19mm Rivet diameter = 22.2mm

Figure 6.28 Cross section of Irwell Street Bridge. All dimemss in mm. (Drawing by M.O'Sullivan 2008)
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Irwell Street Bridge, Manchest

Main girder

A gun metal strip between the girder andast iror Small girders spanning between the crgisders

bed plate fixed to the abutment allow tgirder Cross girders which support the roadidace complete the framing for the road de¢khe others

to slide during thermal expansion of the bridge. suspended from the main girders using)&s have been omitted from the drawing féarity)
of 1 inch diameter (i.e. 24 bolts at baand).

Figure 6.29 Exterior Half Elevation afwell Street Bridge

(Drawings by M.O'Sullivan 2008)
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Chapter 7 Structural assessment of Clifton Suspension Bridge

7.1  Purpose and scope of assessment

In this Chapter the assessment method outlinechapter 5 is presented as an example of
how the method may be applied to a suspension dri@ifton Suspension Bridge was
chosen because it is a good example of a wroughtaye-bar chain bridge that is still in
use. For this example the assessment focuses omatecritical members, which are:

1 Chain eyebars,

2 Hanger rods

3 Deck stiffening girders.

The assessment method proposed in this reportnsecoed with adjusting the design
strength of wrought iron components so that thdityuaf the metal and the significance of
the components are taken into account. The firsgp st the proposed method is the
structural analysis of the bridge. For initial aysa$ of the bridge, it was decided to use
David Steinman's application of the flexibility rhetl, as it provides a convenient way of
calculating the stresses resulting from an undedstg of the most adverse loading
arrangement. Steinman's analysis employs derivgggbedic formulas into which the user
can substitute the bridge parameters of the péaticstructure being assessed. The
parameter's of Clifton Suspension Bridge are liste&ection 7.4 and are illustrated in

Figure 7.7. The basis of Steinman analysis is medlin Section 7.5.
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7.2  Historic background of Clifton Suspension Bridge

With the development of Bristol in the 18th centting desire grew among many of its
financially successful citizens to live outside ttigy, in the nearby areas of Clifton and
Leigh Wood. The Clifton and Leigh Wood areas whigk situated on opposite sides of
the spectacularly deep Avon Gorge required conmiediy some form of bridge. In 1753,
wine merchant William Vick left £1000 in his wilbtthe Society of Merchant Venturers
for the purpose of being left to accumulate, byaddition of compound interest, to a some
sufficient to fund the construction of a stone fad (Mitchell-Baker 1988). He had
estimated that £10,000 should be enough, but, [39,1he account had reached just
£8,000, by which time it was clear that this acdaalone would never be enough to fund
the construction of a bridge. (Mitchell-Baker 1988)

In 1830 an Act of Parliament granted permissionaféoll bridge to be constructed of iron
instead of stone. One of Isambard Kingdom Brurgd'signs for a suspension bridge was
chosen and work began in 1831. (Mitchell-Baker 3988e work advanced very slowly,
but the pace quickened with the arrival of the Gi@stern Railway. (Mitchell-Baker
1988). However, by 1843 with the bridge towers atmmomplete the construction funds
had been completely depleted, and so, all workemka@litchell-Baker 1988). The iron
work that had already been purchased was sold5t &Bpay the contractors and was used
to construct the Royal Albert Bridge. (Mitchell-Bak1988). The construction of the
Clifton Suspension Bridge was officially abandomedlay 1853.

When Brunel died in 1858 a number of leading ergisieat the Institution of Civil
Engineers proposed that the Clifton SuspensiongBrghould be completed in honour of
Brunel. Also, at that time, the Charing Cross Raywvas under construction with John
Hawkshaw as lead engineer. As part of that projecvas decided to replace the
Hungerford Suspension Bridge, which had been dedidpy Brunel, with a girder bridge.
(Barlow 1867). Thus the opportunity arose for thguasition of ready made eye-bar chain

links at a relatively low cost. A company was fodrfer the completion of the Clifton
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Suspension Bridge for which William Barlow and Jdtawkshaw were appointed as joint
principal engineers, and a Act of Parliament wakioled in 1861 for the resumption of
work. (Barlow 1867). The contractors, Cochrane @ro¥ Dudley (who were also the
contractors for the new Hungerford, or Charing Gr@&idge, previously mentioned)

began work in November 1862, and the bridge waspteted and opened to traffic in

1864. (Barlow 1867).

Figure 7.1 Clifton Suspension Bridge (photo obtained fronpiittievonvisitor.blogspot.com accessed 2012)

L 5974m | 214:06m
T
108:07m, _

Leigh __ =
Woods = 2 ek =
1 o=

80:77m

Figure 7.2 Plan and elevation of Clifton Suspension Bridget¢Nell-Baker 1983
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7.3  Description of bridge

Eyebar chainsand hanger rods

Brunel's design for the Clifton Suspension Bridgel to be altered to make it compatible

with the Hungerford eye-bars. In his original desanly two rows of chains, one above

the other, were to support each side of the brittgethe new design there were to be three
rows of chains, one above the other, as shownguar€i7.3. New eye-bars had to be made

to supplement those from the Hungerford Bridgerl®a1867).
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Figure 7.3 Clifton Suspension Bridge (photo source: commaiténedia.org accessed 2012)

The hangers supporting the deck are connectectohins via the linking pins of the eye-
bars. The joints in each chain are staggered vel&ti those in the chains above or below,
such that one hanger is supported by each chanctnnection, and the hangers are all
spaced 8ft apart. At each chain link connectione¥@bars in one chain segment are
interleaved with 11 eyebars in the other chain ssgmexcept at the towers where there

are 12 eyebars in the chain. All eyebars are 7emahide and 1 inch thick. The eyebars
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near mid-span are 24ft long but the other eyebamease in length toward the towers.
(Barlow 1867). The eyebar chain links and the hanggs were made by hammer welding

(i.e. forge welding) eyes to the ends of their ghdfCullimore 1988).

7" x 1"linksin
suspension chains

2" strap

Timber
handrailto 1%" diameter rod
parapet girder
: o Bottle
© - screw
2V x 22" x V'L }-E
X
e
» Main longitudinal
= plate girder
2" % Vo' flat
®
4" % 4" x 5%"L
% x
T =
Cross-girders .|
at8' centres
L.

Figure 7.4 side elevation of chains, hanger rod, stiffeniirgdey and parapet girder (Mitchell-Baker1988)

The hanger rods also have a turnbuckle (labelledti&screw” in Figure 7.4) near their
lower end to allow adjustment in length. The detai the hanger rod connection to the
longitudinal girder are shown in Figure 7.5. In 3%Rree hanger rods were removed for
testing. One complete rod was tested to destructibrKirkaldy's Testing Works at

Southwark Street, London, where it was determifed the weld between the head and
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shaft had an efficiency of 86%. (Mitchell-Baker 898Machined specimens from the
other rods gave an ultimate tensile strength d &n/irf (344 N/mnf) with an elongation

at failure of 13%. (Mitchell-Baker 1988). More et tests on samples from these rods
gave an ultimate tensile strength of 343 N/mamd elongation at failure of 11% for
material from the weld, and a ultimate tensile rejth of 366 N/mrf and elongation at
failure of 30.5% for material from the non-weldezhion of the rod. (Cullimore 1988).
According to Barlow the maximum working stress bé thanger rods would be 4.25
ton/ir? (66 N/mnf). (Barlow 1867). The hanger rods bear the markhef Round Oak
Ironworks. (Cullimore 1988).

I %" .

Suspender
rod

) 17,0 1L
w1l e A

Worn hole
built up in
weld metal

Mild steel Nyloc

nylon locking nut
Grease &

nipple
e i ST,
( N\ - :
‘1.___;._______7,_,____ : «n”_—"_"l‘_"—_—-—r
ey el | eleiitee it o
_} i5mmy i
\ Cl
Mild steel coltar ] § i \
lronfilled
S/ Z epoxy resin
Glacier MB2525 DU / : \ Stainless steel
bushin reamed hole \ EN §7 threaded
1" diameter stud
o .
i / . \

7
Cleats bolted to \
longitudinal girder 1%a" flateye

Figure 7.5 Bolt assembly at connection of hanger rod to lamiital girder. This connection has undergone
modern modification involving nylon and mild steebmponents, which were not part of the original
structure. (Mitchell-Baker 1988)

In 1838 Brunel had designed the chains of the megdoridge to carry a maximum

working stress of 5 ton/fn(77 N/mnf). (Porter 1974). All of the eyebars in the Hungedf
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Bridge had been tested to a stress of 10 to(1iB5 N/mnf) prior to use in that bridge and
all of the new eyebars needed for the Clifton Sosjpe Bridge were also proof tested to
this stress level. (Barlow 1867). Barlow estimatteat the maximum working stress in the

chains would be 4.76 tonfi(74 N/mnf). (Barlow 1867). The diameter of the eye-bar

linking pins is 4.625in (117mm).

Figure 7.6 Land side chains of Clifton Suspension Bridge (prsmurce: bristol.cityseekr.com accessed
2012)

74  Bridgedimensions

The main dimensions of the bridge are given in F@gu7 and are described as follows:
Distance centre-to-centre of towelf'ss 214.05m

Span of stiffening girdet:=195m

Height of each tower above level of stiffening girdc 25m

Angle of depression of chord AB joining tops of & a = 0.24

Angle of depression of main span stiffening girder 0.24

Angle of depression of straight land side chains: 22.6

Horizontal distance from tower centre to land saddk 60m
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Length of chain from land saddle to anchorage 8r25.

Effective horizontal distance from tower to anclygal, = 93.34m.
Transverse distance centre to centre of chaindt@Qm)

Width of bridge including roadway and footpath #t39.5m)

Second moment of area of stiffening girder: | =33%61¢ mm" (= 3362 x 16 m?.

Chain sag measured over length of stiffening gifder mid-span sag of main span chain

measured from chord AB) = 17.76m

Total chain sagdf; = 21.405m, which makes the total sag to total spta:

fi/I'=21.405/214.05 = 1/10 = 0.1.

Total cross sectional area of triple chain arrang®mA = 135636mM( = 0.135636 )
This is the combined cross sectional area of &bang, each of cross sectional dimensions

7in x 1in.

For the purpose of the structural analysis the abgqwantities and designations will be
used. An exaggerated labelled structural diagranthefbridge is shown in Figure 7.7,

which illustrates the meaning of each term.

Although the towers are the same height above tlespective abutments they are not
level with each other. (Barlow 1867). The towertba Clifton side of the bridge is 3 feet
higher than that on the Leigh Wood side and theeshtidge has an average inclination of

1 in 233, hence the inclusion of the angle 0.24 described above. (Barlow 1867).
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Figure 7.8 Details of Clifton Suspension Bridge (The Builder 1863)
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Figure 7.9 Clifton Suspension Bridge (Humber 1870)
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7.5 Outlineof structural analysis of Clifton Suspension Bridge

In this section the background to Steinman's amabfsthis structural form is summarised
and the particular formulas required for the caltioh of component stresses identified.
This method of analysis is algebraic and in ordemike it mathematically workable by
hand some simplifications have been made. Firthky,flexural stiffness of the bridge is
due in part to a 3ft deep longitudinal girder, blg#o due to a 4ft. 9in. deep lattice parapet
girder. In the analysis any stiffening effect frahme lattice girder was ignored. Thus

mention of the stiffening girder refers only to Bf€ deep longitudinal girder.

Secondly, the analysis is conducted as if the tbhegns were in fact one chain, and this
single chain is assumed to have complete flexyodd if it was a cable. Therefore, in the
analysis, reference is made to the cable ratherttieactual triple chain arrangement. The

stress in one of the real chains is taken as areettie calculated cable stress.

The objective of this analysis is to determinettiresion force in the cable and the bending
moment in the stiffening girder, in addition to tieece in the hanger rods. An examination
of the most adverse arrangement of live load is atmducted. In this type of bridge the
stiffening girder is modelled as being connectethtbabutments by pins at each end. This
iIs compatible with the actual fixity of the bridgdeck. The structure is statically
indeterminate to degree 1, and in the analysisfléxéility method is used to determine
the horizontal component H of the tension in thblealn this analysis H is called the
horizontal cable tension. To reduce the structara statically determinate form, a cut is
placed in the cable at the lowest point, wheretéinsion in the cable, in the indeterminate
structure is H. With load applied to the bridgas twill result in the cut ends of the cable
moving apart by a distance This is case 0, shown in Figure 7.10 (a), anthimcase H =

0. If a unit horizontal force is applied to the emds, without load on the bridge, as shown

in Figure 7.10(b), the cut ends will be pulled tbge by a small distande Sinced results
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from a unit force the total horizontal force neededring the two cut ends together again

is Hand is given by Eq.7.1

(@)
Indeterminate structure
A
w —= = w

Determinate structure (case 0)

+
xH
11

Determinate structure (case 1). Unit load applied.

Figure 7.10 Indeterminate and determinate structural casesidered in flexibility method analysis.

Both virtual displacementgy andd, may be determined by the general expressions for
displacement of a point in an elastic system, asrgin Eq.7.2. The stiffening girder is

thought of as a beam member in this system.

M, m
A J. El dx
H :g =—— 5 Eq.7.2 (Steinman 192
[T ax ds
El EA

where,

Ms = bending moment in the stiffening girder undeplegal load, (case 0, H = 0).
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m = bending moment in the stiffening girder withtdoad only applied, (case 1, H =1).
t = axial force in the cable, towers and hangeth wnit load only applied, (case 1).

| = second moment of area of the stiffening girder.

A = cross sectional areas of the cables, towersanders.

E. = modulus of elasticity for cable and E = modubfiglasticity for stiffening girder.

In the numerator of EQ.7.2 there is no axial foteem because this represents the
displacemeni of the determinate structure (case 0), in whightorizontal cable tension
H = 0, and all of the axial forces in the cablesyers and hangers are zero. In this case the

stiffening girder carries the entire applied logdaassimply supported beam.

In the denominator of EQ.7.2 both bending momert arial force terms are present
because in this case (i.e. case 1), the systenainenhembers which carry both types of
action, namely, the axial force in the cable (resglfrom the applied unit tension) and the
consequently present axial forces in the hangetdstawers, in addition to the bending

moment induced in the stiffening girder.

Further to those assumptions already mentionetbtlosving assumptions will also apply.

1 "The cable is considered to be perfectly flexi@al will assume the shape of the
equilibrium polygon due to the hanger forces Segire A2.2).

2 The stiffening girder is modelled as a straigham with constant second moment
of area and connected to the cable uniformly thihowt its length.

3 The dead load of the girder and cable is assuom#fdrm per unit horizontal
length, so that the initial curve of the cabla igarabola (see section A2.4)

4 The form and position of the cable curve remanaltered upon application of

live load.
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5 The dead load is carried entirely by the cabl @uses no stress in the stiffening

girder. The girder is stressed only by live loéstéinman 1922)

The assumption that the form and position of tH#eces unaltered upon application of live
load is not true as shown by tests conducted onCiifton Suspension Bridge (see
Cullimore 1988). However,"in terms of the stressgéhkin the components, the assumption
of fixed cable shape is sufficiently accurate forimitial assessment analysis and it can be
shown that with this assumption the calculatedssee are somewhat greater, and thus on

the side of safety.” (Steinman 1922)
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7.6  Loading of Clifton Suspension Bridge: Numerical example

The preceding section of this chapter dealt withttieoretical background of the structural
analysis of a suspension bridge form matching ¢hatlifton Suspension Bridge. In this

section the numerical parameters of Clifton Suspen8ridge are substituted into the
equations previously derived to obtain the requibetiding moments and forces under

particular load conditions.

7.6 (a) Most adverseliveload arrangement on bridge

Following an assessment carried out on the Cli@aspension Bridge in 1953 the overall
maximum load limit of 28tons (280kN), which has bda place since the bridge was
opened, was maintained, and is the present daynmuaxioverall load allowed.

For this example, the value of 28tons (280kN), seduas the total unfactored live load,
which is applied as a distributed load to the beidghe maximum bending moment in the
stiffening girder is obtained by placing the distiied load over critical portions of the
span. Therefore, to obtain the value of distributedl, based on a total load of 28 tons, the
length of girder to be loaded may be taken froni7B®5, which gives the position of the

critical point for maximum bending moment, as exgesl by Eq.7.3.

M, :M(Zk-kz) w W Wi [2KK-5K+5K] y Eq.7.3 (Steinman 192
2 2 10NN

where  k+ k2 — k= X Eq.7.4 (Steinman 1922)

y
Eq.7.3 gives the positive (i.e. sagging) bendingnaot at any sectioxfor a uniform load

extending from x = 0 t& = kl wherek is given by Eq.7.4 and
NI , .
0<x< " (Steinman 192:

A diagram showing the maximum bending moments endtiffening girder, is shown in
Figure 7.12, and indicates that the maximum bendiognent occurs at section= 45m.

At this section the value & from EQ.4.105 ik = 0.42, which means that the maximum
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positive bending moment is obtained by loading frems 0 to x = 0.42(195m) = 82m.
With this length of girder covered by a total liwad of 14tons (140kN), (i.e. half the total
load is carried by each girder), the assessmentistributed load is:

W =y, x% = 1.5x 1.7 KN/m = 2.6 kN/m Gessment live load per gird

82m
7.6 (b) Dead load on bridge
Total weight of all chains on one side of bridg27 imperial tons = 2770kN.
Weight of entire suspended structure (i.e. evengtleixcept the chains) = 440 imperial tons
= 4400kN. Therefore the total unfactored dead jpadcable is given by:

Dead load per chaimp=— 277N + 2206N = 277@N+ _220RN = 23.2 kN/m
distance between towers c/c 2140-E

The design dead load per cable ig; (23.2 kN/m) = 1.05 (23.2 kKN/m) = 24.4 KN/m

7.6 (c) Numerical bridge parameters:

From Section 7.4 the bridge parameters are:

| =195m,|,=93.34m,f = 17.76m, f, = 21.405m/' = 214.05m,a = 0.24, oy = 24.32,
A=0.135636 1 | =3362x 10 m"'=3362x 16mn®, n=f/I'=0.1,
n=f/1=0.0911

whereA is the cross sectional area of the cableldaadhe second moment of area of the

stiffening girder.

N = 8 & 3;E” (B 8 +_ taha j +M Eq.7.5 (Steian 1922)
5  fAEA f21E_A

= N =1.6n7
7.6 (d) Horizontal cabletension

The design horizontal cable tension due to deadl dody is given by Eq.7.8.

H, = plf Eq.7.8 (Steinman 1922))
t
24.4kN /m) 214.051’
oo, =L my % - esoan
8(21.40%n)

The horizontal cable tension due to live load 1&egiby Eq.7.9.
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[( 2° - 5+ 83)-( 2°- 5+ 52)] Eq.7.9 (Steinman 192

The design live load i&r = 2.6 KN/m acting over the first 82m of the spanch that in
Figure 7.11] = 0 andk = 0.42, and the horizontal cable tension due wgtdelive load

onlyis: H=261.7 kN.

N

w=26KkN/m

A

|

| j
| J
\

| =195m

Stiffening girder pinned at A and B and suspended by cable

Figure 7.11 Loading of bridge to determine horizontal cablesten due to maximum live load.

Therefore, the total design horizontal cable temsso

How = Hg+H = 6528N+ 26BN = 679kN

total

7.6 (e) Stressin main span chains

The maximum force in the main span portion of thaigs occurs at their connection to the

tower saddle. However, at this point there areyibars in each chain segment, such that
the tensile stress there is not the maximum valuée chain. The maximum stress in the

chain occurs at a distance of 10m from the towddlgawhere each chain is composed of

just 10 eyebars, (i.e. at x = 10m). At this pol force in the cable is given by Eq.7.10.

_ 8f __ 4f ’ - A
T=H _|_2x+|_+tana +1 Eqg.7.10 (Steinman 19:

2
— T=679kN [[-BLLTON) gy AATTE ) h02d + 1 = 7w
(195mY 195m
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This is the force in the imaginary cable, resultinghe maximum stress, where the chain
is composed of 30 eyebars, (10 eyebars per chaitt),a total cross sectional area of

135636mm, giving a tensile stress of:

_ 7154 x 16N

0,..= ——————— = 53N /mnf (maximum stress in main speonichain of bridge
135636nnTt

This is the maximum stress in a single eyebar i aiithe chains. The chains are in good
condition, so a condition factor of 1.0 is appli€@r assessment purposes the maximum

stress in the chains is given by:

S) =y, (0,,) = 1.1 (53 N/mr ) = 58 N/mfn (BD 21/01 cl.3.

This value is used later for comparison with theigie strength of the eyebars.

7.6 (f) Stressin land side chains

The tension in the land side cable is:T, = H _ _679%N 7TA5XN
cosa, cos(24.32)
which produces a tensile stress of: = M = 55N /mnf
135636nnt

For assessment purposes the maximum stress iarttieside chains is given by:

S. =y, (0,,) =1.1 (55 N/mr ) = 61 N/mfn (BD 21/01 cl.3.

7.6 (g) Bending moment in the stiffening girder
If the bridge carries a uniform load along its emtiength the bending moment in the

stiffening girder is given by Eq.7.11.

M ="—"(—x2 +1x )( }iJ Eq.7.11 (Steinman 1922)
2 5N
= M :VEV(—X2 +1x )(0.00036 (bending moment enélll uniform load

Eq.7.11 shows that only 0.036% of the full spae livad is carried by the stiffening girder.

In other words, very little bending moment is inddcin the stiffening girder under a
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uniform live load covering the entire span, becath®echains have a funicular form that
relieves the stiffening girder of bending moment.

As stated at the beginning of this section, theimam bending moment in the stiffening

girder occurs when a portion of the span is covdrgdoad. The maximum possible

bending moment in the stiffening girder for evemyspion along the span is shown in
Figure 7.12(b). The values in Figure 7.12(b) walkewated using Eq.7.110. From Figure
7.12(b) the maximum bending moment is 1638 kNm@wlrs at x = 45m when the load
covers the span from x = 0 to x = 0.42(195m) = 8Zime bending moment diagram of
Figure 7.12 (c) indicates that as load is brougtio ahe bridge from one side, the loaded
region would tend to sag, but the far side of tiféesing girder would tend to rise up (i.e.

hog). Partial loading in this manner causes thatgst bending moment in the stiffening
girder.

The maximum bending stress in the stiffening gindegiven by the flexure formula as

follows:

_ My _ (1638 x IONmm)(457Hm) _

= 22N mnt
max I 3368 x 16mm’

The loading arrangement which produces this maxirbanding stress is shown in Figure
7.12(a). This computation has ignored the presefcéhe parapet lattice girder and
assumes that all of the 1638 kNm bending momentiged by the 3ft deep plate-and-
angle stiffening girder. Given that the charactarigield strength for wrought iron as

stated in BD21 is 220 N/mfit is clear that under a load of 28 tonnes thiéesting girder

is already at limit state violation. The obviougi@e that should be taken is to specify a
lower load limit for the bridge. This is discusdadher in Section 7.6(J).

It is clear that the stress in the chains is wéthiwv safe limits but for the stiffening girder

it is not. This is because of the very shallow Hept the stiffening girder. In modern

suspension bridges the deck is stiffened by a deegs, but the early wrought iron

suspension bridges often simply relied on a reddifighallow plate girder for deck rigidity.
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¢ ¢ ¢ ¢ ¢ ¢ (a) Stiffening girder pinned at C and D
and suspended by cable. Girder is loaded

from x = 0 to x = kL = 82m to produce i

|
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(c) Bending moment in stiffening girder

Figure 7.12 (a) Load arrangement causing maximum bending momestiffening girder.
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7.6 (h) Stressesin hanger rods.

The dead load of the intact bridge is assumed tonfermly distributed horizontally, so
that the initial cable curve is parabolic. It isasied that the dead load is carried entirely
by the cable and causes no stress in the stiffegindgr. According to Steinman's analysis
it is assumed that the stiffening girder has sidfit flexural rigidity that it will transfer
any live load that comes upon it, uniformly to tbable via the hangers, which are
uniformly spaced horizontally. With a sufficientmber of hangers they will effectively
exert a uniform load on the cable. Thus even wihenlbad comes upon the bridge the
cable remains parabolic and the girder is stresabdby live load, as stated in Section 7.1.
In reality this is not true, but these simplifyiagsumptions provide a means of estimating

the stresses in the hanger rods..

The only loads which cause tension in the hanges eve the dead load of the suspended
structure and the live load on the bridge. The Wedgj the entire suspended structure (i.e.
everything except the chains) = 440 imperial to#180kN. Therefore, the total dead load

pulling on the hanger rods on one side of the leridg2200kN, which as a uniformly

distributed design load over the entire span is:

2200kN 1 85x 2200kN

. = 11.8 kN/n
195m 195m

Design dead load pulling on hangerg =

The design live load on the bridge is 2.6kN/m agtver the first 82m of the bridge. As
shown earlier this value was obtained by consideaitotal unfactored live load of 140kN.
Under the simplifying assumption that the live loadransferred from the stiffening girder
uniformly to the hanger rods the equivalent unifatesign live load pulling on the hanger

rods is:

140 kN 15x 140kN

= =1.08 kKN/n
195m 195m

Design live load pulling on hangersjz x
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Total design load on hanger rodsy=  =81BN/m + 1.08 kN/m = 12.9 kN/n

If the hanger forces (denoted By) are uniformly spaced distandepart, they are given
by

F=wd = (12.%kN/m)(2.438m) = 31.EN (d= 8 feet = 2.438m

The diameter of the hanger rodsgs 1 inches =41.3mm

Therefore the stress in the hanger rod“a:%:{5 x 10N 24N /mnt
( 77(41.3mm)2j
4

In reality the chains will move slightly in resp@® load coming onto the bridge, and so
the hanger rod stresses will fluctuate somewhahiashappens. In order to obtain a more

realistic estimate of the hanger stresses a coman#dysis must be performed.

7.7 (a) Application of proposed assessment method to Clifton Suspension Bridge

Of the overall proposed assessment method deschib&hapter 5, the branch which
applies to the bridge chains is outlined in Figarg3. Clifton suspension bridge is a two
hinged stiffened suspension bridge and is thuscatst indeterminate. According to the
procedure outline shown in Figure 7.13, the finseé steps have been completed, and the
fourth step is to choose a member to assess. Tdie eliebars will be assessed first. The
stresses in the main bridge components under thgimuen allowable load are
summarised in Table 7.1, along with the componeriactor andg factor values and

characteristic yield strength values.

Component Stress Characteristic | o factor range | p factor
(N/mn7) yield strength
(N/mn)
Chain eyebar 53 151 0.794 - 0.953 0.953
Stiffening plate girdenq 222 (max bending stress) 7 18 0.634 - 0.761 0.761
Hanger rod 24 151 0.794 - 0.953 0.953

Table 7.1 Summary of stresses in main bridge componentsrundgimum allowable load.
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1. perform structural analysis
under factored loads

/

2. Calculate load effects
(i.e. stresses)

|

3. Classify structure as statically
determinate or indeterminate

If statically
indeterminate

4. Choose a member to assess
(i.e. chain segment)

l

Is chain segment critical ?

Is chain segment made
from more than one
part ?

5 Remove one eyebar from chain segment
and recalculate stress in remaining chain segment.

J

6. Calculate reduction in initial stress safety margin of
chain segment caused by removal of 1 eyebar using Eq.5.6

!

7. Determine significance of removed eyebar
using Eq.5.12

8. Calculate significance factor a
for removed eyebar using Eq.5.11

|

9. Calculate adjusted design yield strength
of removed eyebar using Eq.5.2

!

10. Calculate usage factor of chain segment by
applying adjusted design yield strength to parts. (see Eq.6.10)

|

Consider limiting load on structure or
strengthen over stressed members

Comoponent is
adequate

Is usage factor < 1.0 ?

Figure 7.13 Steps in procedure for assessment of bridge chains

Clearly each segment of a chain is critical, butaose it is composed of 10 eyebars

arranged side-by-side, the next step in the asssgsai the chain is to determine the
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significance of an individual eyebar. Given the |®iress in the chains under the
assessment loading, a single eyebar is not critesad therefore, the significance of the
eyebars is determined by removing one at a timg caftulating the reduction in the initial

stress safety margin of the remaining chain segment

There are three rows of chains on each side obtiuge. Therefore, 30 eyebars in total
make up the most highly stressed portion of theinclaarangement. In the structural
analysis the three chains were modelled as one eatlal the stress in this imaginary cable
was calculated. A computer model of the bridge waeated using this same
simplification. The problem with this simplificamoin the proposed method, is that
removal of a single eyebar will result in an in@@an stress in the overall cable. It was
determined that more than 10 eyebars could be rechfvam the imaginary cable without
overstressing the cable. But removal of 10 eyefvars a single chain results in the entire
collapse of the chain. Thus the stress safety ma@mnputed on the basis of the imaginary
cable would not provide a true measure of signifogafor an eyebar in a single chain. To
overcome this problem it is proposed that the §icamce of a single eyebar be calculated
on the basis of the removal of one eyebar forhakd chains simultaneously. This will

provide a more correct measure of the significasfan eyebar within a single chain.

The reduction in safety margin and increase inisg@mce of the eyebars, after the
removal of successive sets of eyebars, is sumndans&able 7.2. Removal of a set of
eyebars means the simultaneous removal of one ef@na each of the three chains, at

the same location in the chain arrangement.
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Max stress in| Initial stress | Significance| Adjusted Design Usage
remaining | safety margin| of member design safety factor
eyebars (N/mn) % yield margin U
(Sy) And strength (N/mn)
(N/mn) (afactor) | (N/mn?)

Intact chain

58 93 4.3 (0.801) 150 PR 0.39
1% eyebar
set removed| 62 89 7.5 (0.806) 149 87 0.4P
2" eyebar
set removed| 69 82 10.8 (0.811) 148 79 0.47
3 eyebar
set removed| 79 72 14.0 (0.816) 147 68 0.54
4" eyebar
set removed| 92 59 20.4 (0.826) 145 53 0.6B
5™ eyebar
setremoved| 111 40 73.5(0.911) 132 21 0.84
6™ eyebar *
set removed| 139 12 73.5(0.911) 132 @ 1.06
7" eyebar *
set removed| 185 0 73.5 (0.911) 132 0 141

Table 7.2 Variation in significance and design strength veititcessive loss of eyebars from a single chain.
* indicates a critical component.

As an example of how the values in Table 7.2 wemrecated consider the removal of the
first set of eyebars from the imaginary cable. Pt the removal of any eyebars the

maximum stress in the eyebars is:

*

S, = V., (effectsof Q, ) Eq.6.2 (repeated)(BD 21/01 cl.3.7

= 1.1(53N/mrth ) = 58 N/nim

After the removal of the first set of eyebars thisran increase in stress from 58N/frim
62N/mnf in the remaining eyebars, at the location wheeeetfebars were removed. The
initial stress safety margin of the intact memisegiven by Eq.5.8

Initial stress safety margin = Characteristic yigligength - stress in compante (Eq.5.8

= 151N/fmm 58N/mnf = 93N/mm
After the removal of one set of eyebars the inisialety margin reduces to 151 N/fmm
62N/mnt = 89N/mnf. Therefore, the reduction in the initial safety giarof the chain
associated with the loss of a single set of eyelig@3N/mni - 89N/mnf = 4N/mnf, and

the significance of a single eyebar in the intdetic is given by Eq.5.10
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reduction in safety margin of cabxle

- , 100 E4.0 (repeatec
safety margin of intact cable

significance of eyebar

significance of eyebar AN/mirf x 100 = 4.3%

93N/mnt

Clearly the loss of a single set of eyebars hag Mtle effect on the safety of the structure,
and because a single eyebar is of such little fogmice the design yield strength of a
single eyebar within the intact chain, under theppsed method, is distinctly greater than
under the existing assessment method. For exanmilgg a significance value of 4.3% for
a single eyebar, a proportional/alue for use in adjusting the design strengttalsulated
using Eq.5.8.

a = lowesta factor + (significance %)(sinf a factor range) Eq.5.8(repedy
The size of the value range is given by

highesta — lowestr = 0.953 0.7¢4  0.159
4.3% of 0.15% 0.00684
= ¢« value corresponding to 4.3% sigo#nce= 0.794+ 0.00684  0.¢

Therefore the design yield strength fois eyebar can be adjusted using Eq.5.

adjusted design yield strengthF= (characterlszczyleld streng ) Eq.5.2 (repeatel
2a

- a A51N/mnf (0.953) _
7 1.2(0.801)

150 N/rfim

Under the existing method the design yield stremgibld be given by Eqg.5.2 as follows.

unadjusted design yield strengthl—g% = 126 N/mnf

The design safety margin of the intact componedeuthe proposed method is given by:

Design safety margin of intact membeadjusted design strength - stress in ponent
= 150N/mrh— 58N/mmMm
=92 N/nfm

Without this adjustment in the design strength, design safety margin of the intact

component would be 126N/nfm 58N/mnf = 68N/mnf. The proposed method provides a
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greater safety margin, particularly for membersclihiave a high safety margin to begin
with. However, as eyebars are removed from thenctieg stress in the remaining eyebars
increases and so does their significance, with ¢besequence that the degree of
adjustment to the design yield strength reducesthier words, as members become more
significant the design yield strength under theppsed method converges toward the
design yield strength under the existing method.

The values in Table 7.2 were generated by consigéhie removal of eyebars adjacent to
each other, i.e. eyebars comprising one segmeiheofchain. If five sets of adjacent
eyebars are removed then the chain will be on #rgevof limit state violation. In other
words, the chain cannot sustain any further loseyebars. The occurrence of corrosion
resulting in the loss of five sets of adjacent eyslis highly unlikely, and therefore, the
bridge is quite safe under the static loading aered in this analysis. The low stress is

the chains is a result of the enforced load limh2®tonnes on the bridge.

7.7 (b) Assessment of hanger rods

In Section 7.6 (h) it was established that thesstia the hanger rods under the assessment
loading is 24N/mrh Given this low stress it is clear that a singbel is not critical.
Therefore the procedure to follow to assess themmbmars is similar to that used to assess
the web members of Irwell Street Bridge. The sigaifice of the hanger rods is based on
the reduction in the stress safety margin of sonteea member, that would occur as a
result of the loss of the hanger rods. The hangds relieve the stiffening girder of
bending stress by being connected to the chainereidre, loss of some hanger rods
would result in an increase in bending stress enstiffening girder. Thus the location in
the stiffening girder with the maximum bending matnshould be chosen as the section
on which to base the significance of the hanges.rddis recommended that a group
damage event involving the loss of a number of g hangers is simulated in this

investigation.
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Chapter 8  Assessment of Liverpool Lime Street Station Roof

8.1 Introduction

In the later half of the 19th century the developtmef large roof structures was at the
forefront of structural design. Ever greater spamse needed to provide unobstructed
internal space for railway stations, exhibitionlfiadnd ship construction. This demand
necessitated the design of lightweight trussesraméd structural forms composed of
relatively slender members. Wrought iron, althougit a new material, had rarely been
tested over such great spans. Exceptions inclugestispension bridges of Brunel and
others, which is the subject of Chapter 7. Methafdstructural analysis which could cope
with statically indeterminate structural arrangetsdmad to be developed in parallel with
an understanding of the mechanical properties otigint iron. This in turn drove forward
the development of material testing techniquesthia Chapter the assessment method
outlined in Chapter 5 is presented as a detailedngle of how the method is applied to a
truss. Liverpool Lime Street Station was chosemabse it is still in use and because the
roof consists of long span trusses composed otistemembers which are critical for the
stability of the structure. For this example theemsment focuses on the bottom chord

eyebars and the web members.

8.2  Liverpool Lime Street Station - historic background and structural details

The present roof of Liverpool Lime Street railwatation was built in 1875 by the
Darlaston Iron and Roofing Company and replacedtkgious roof which had been built
by Richard Turner in 1849 (Swailes 2005). The 1piEsent day roof is of the trussed
bowstring form whose upper chord is composed ofage@and angle continuous arch and
whose bottom chord forms an arched chain of eydihles. The truss spans a distance of
approximately 57m with an overall height at midsd 12.3m from springing level. The
bottom chord rises 6.2m at mid-span above sprintgugl and both chords form circular

arcs. (See Figure 8.1).
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Radius = 67.7m
Radius = 39m

Figure 8.1 Line drawing profile of Liverpool Lime Street Stati truss. All dimensions in mm unless

otherwise stated. (O'Sullivan 2010)
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The trusses are spaced 32 ft (9.75m) apart ancbrettp of columns at each springing
point. The web members of the trusses are each asedpof four 2.25 x 2.25 x 3/8 inch

angle irons, separated with cast iron distancesgisach that the angle irons are held in the
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form of an open cross in cross-section, as showrigare 8.7, thus providing sufficient

rigidity to resist buckling (Walmisley 1888).

Figure 8.3 Liverpool Lime Street Station (Swailes 2007)

8.3  Testingof Liverpool Lime Street Station roof eye-bars

Prior to erection of the structure a sample eyerbade for the bottom chord of the roof
truss was tested by David Kirkaldy in 1870. Theulsswere published in 1871 and are
summarised in Figures 8.5 and 8.6 and Table 8.&.grhde of iron of this eye-bar was
described as "Thornycroft Best Best" (Kirkaldy 187Wsing his own design of testing
machine, which was sensitive enough to measurestizn at yield, Kirkaldy could

determine the yield strength of the iron in additio its modulus of elasticity.

LONDON AND NORTH-WESTERN RATLWAY—LIME-STREET STATION ROOF. (Swe Mr. Kirkaldy's letter on opposite page.)
Resulls of Experiments to Ascertain the Resistance to Eivtension, Set, and Ruplure under a gradually increased PULLING STRESS of Ona Iron Link, % Thornyeroft Best Best,” Receive:
Aweypep Fony o Warp.

w the Darlaston Tron and Tioofing Company.
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‘Figure8.4 Kirkaldy's report of eye-bar test (Engineering 1871
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Stress-strain graph for eye-bar from Liverpool Lime Street Station roof
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Figure 8.5 Complete stress-strain graph for Kirkaldy's tenskt of the eye-bar shown in Figure 8.4.

Linear portion of stress-strain graph for eye-bar of Liverpool Lime Street Station roof
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Figure 8.6 Elastic portion of stress-strain graph for Kirkdkliensile test of the eye-bar shown in Figure 8.4.

Elastic limit Ultimate strength Modulus of elasticity Elongation at failure
(N/mn?) (N/mn) (N/mn?) %
165 327 179762 11.6

Table 8.1 Summary of Kirkaldy's tensile test results for tefsthe eye-bar shown in Figure 8.4.
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Each tie or link in the bottom chord of the roafigs is composed of four eye-bars as

shown in Figure 8.7.

8.4 (a) Use of eye-barsin structures

In many of the early suspension bridges enginesesl pin-connected eye-bars to form
large chains as the main support to the suspermbeti deck. Examples include Thomas
Telford's bridge of 1826 across the Menai Straig Brunel's Clifton Suspension bridge,

completed in 1864.

As shown in the case of Liverpool Lime Street ®tatroof, eye-bars were also used
extensively for trusses. Eye-bars were very popuiat9th century USA because they
allowed the construction of simple truss bridgeseimote locations where the bridge parts
could be assembled on site. For the constructiorthef Indian railways the bridge

components were often made in the U.K. and shipp&adia for assembly on site.
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8.4 (b) Assessment of criticality of eye-bar composed structural members

In the case of suspension bridges and roof trusssson members are critical, in that, loss
of one of the links in the chain would result itadcstructural collapse. For example, when
one of the tie bars of Charing Cross Station faledause of an undetected flaw within the
bar, six people were killed in the resulting pragiee collapse of the roof. "The tie had
failed at a scarf weld between the plain round &ad a threaded end. Following an
examination of the bar William Kirkaldy, son of DdWirkaldy, concluded that the failure
of the 4.5 in. diameter bar had been the resudinahternal manufacturing flaw that could

not have been detected by surface examination.ai{€sv2005)

Figure 8.8 Charing Cross Station roof truss (Barry 1868)

Normally a tie member was composed of a numbeyefars placed side-by-side, four in
the case of Liverpool Lime Street Station and tethe Clifton Suspension Bridge.

"Truss bridge members consisting of two eye-baes @msidered fracture critical and
lower chord members are always fracture criticdess occurring in sets of more than
two" (Sparks 2004). The collapse in 1967 of thenPBieasant Bridge in the USA resulted
from a corrosion-fatigue crack in an eye-bar. Thaiwr links which failed had only two

plate eye-bars (Cullimore 1988). Where there areentiban two eye-bars comprising a
member the criticality of the member should be daspon an analysis of the entire
structure (Sparks 2004). Firstly, an analysis igied out to identify the most heavily

loaded eye-bar-composed member, under working lodtlen a second analysis is
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performed under the same loading, this time assyhass of one of the eye-bars in the
member. If the remaining members are still not stressed then the original member may
be classified as being not fracture critical (Spa2k04). In other words the member will

not fail even if one of the eye-bars is removed.

8.4 (c) Eye-bar end connections

Loss of an eye-bar may result in unbalanced loadintipe pin connection and in such a
case it may be necessary to assess the rotatiiffraéss of the pin connection to see if it
can withstand the imposed torsion (Sparks 2004)addition, the pin itself will be
subjected to increased bending stresses if oneooe wf the eye-bars is removed .The
principal failure mode of pins is in bending; shesely governs (Sparks 2004)

Eye-bars were shaped such that ultimate failuth@feye-bar would occur in the bar and
not the head or the pin. Despite this many recofdédres occurred by rupturing of the
head. When Kirkaldy tested an sample eye-bar flteemianufacturers of Liverpool Lime
Street Station, failure occurred in the bar, butwn other eye-bars destined for the Indian
railways failure occurred in the head. Furthermareg larger series of tests conducted by

George Berkley most of the eye-bars also failethénhead as shown in Figure 8.9.

]
2275

Figure 8.9 Tests on eye-bars (Berkley 1870)
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A typical finite element analysis stress plot ofeye-bar under direct tension is shown in

Figure 8.10. The greatest tensile stress in the beaurs at the inner surface of the hole

along a diameter perpendicular to the directiopudk.

-0.318069
-0.272631
-0.227192
0184754
-0.136315
-0.090877
-0.0454385
s}
0.0454385
0.090877
- 0.136315
181754
227192
0.272631
0.318069
0.363508

Max 0.3004 at Node 82
Min -0.3276 at Node 163

Figure 8.10 Finite element simulation @ftress distribution in eye bar head resulting fiotaraction with

pin. (He 2004)

The zones of maximum tension are shown in red &edtypical stress concentration

factors in these areas is about 2.7 (Sparks 2004he case shown in Figure 8.10 the

tensile stress in the bar is 161N/fmnvhile the maximum stress in the head of the eyre-b

(the red area around the inside of the hole) iSN&®B, giving a stress concentration

factor of 2.25 (He 2004)

The main modes of eye-bar failure are:

1

2

Tensile failure in the bar or neck.

Tensile failure in the head around the eye I(@€.zone in Figure 6.10).

Crushing of the bearing surface of the eye lfle zones in Figure 6.10).

Shear failure of the area bearing on the pint@a&r out of the head against the pin).
Tension failure through the net section across d¢lge (i.e. red zones extend

outward ). (Sparks 2004)
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8.4 (d) Original methods of setting out eye-bars

There was some degree of variation among engiime¢ne methods of proportioning eye-

bar heads. "According to Shaler Smith the propogiadopted depended partly upon the
mode of their manufacture.” (Warren 1894). Below some of the methods adopted for
setting out the shape of an eye-bar head by vadotisrities.

Three eye-bar heads are shown in Figure 8.11.)Ithéaform shown is a hammer forged

eye-bar, "which according to Professor Burr, hasdthe test of long American practice."”

(Warren 1894).

H y(ul c forged. Kirkaldsie.
(@) (b) ()

Figure 8.11 Proportioning of eye-bar heads (Warren 1894)

Method 1(Hammer forged eye-bar in Figure 8.11 a)

Let w denote the width of the bar, and r the radiusefdin.

Makehb = 0.87v

Makeabc a semicircle witlo; as centre and radiusr= 0.66v, such that 00= 0.

The curvesf anddg are portions of a semicircle of the same radiuabas

Method 2(Hammer forged eye-bar in Figure 8.11 c)
That shown in Figure 8.11 (c) is a form of hamnmgéd eye-bar that was proposed by

David Kirkaldy and was based on his own experinlemtak.
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Method 3(Hammer forged eye-bar in Figure 8.12)
George Berkley's experiments led to his propos#heffollowing proportions for hammer
forged eye-bars. Referring to Figure 8.12 :

Width of flat bar = B, Diameter of pin: D = 0.75B ; “\

b+b=125B, E=B, r=B, R=1.5B

Figure 8.12 Proportioning of eye-bar head (Warren 1894)

8.4 (e) Modern method of assessing eye-bar load capacity

€|?‘Z
B = Dk

| "'F““\L%_ i
e
| re(r
RN

e

Sechion 'I , Section
X-X =X Y-¥

.'!I.m = ]33 n‘!lln. I
C = 0,75 W (Wrought Tron) |

Figure 8.13 Typical eye-bar proportions (Sparks 2004)

An eye-bar with the proportions shown in Figure38should fail in the bar, and not in the
head. Therefore, the load carrying capacity caibdsed on the sectional area of the bar,
without a detailed analysis of the head (SparksAR0OBor permanent loads such as dead
load the allowable stress that an eye-bar may bested to is 0.58 whereoy is the yield

strength of the metal, and for imposed loads tloevable stress is 0.65. (Sparks 2004).
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85  Application of proposed method to Liverpool Lime Street Station

8.5 (a) 19th Century roof loading values

In the construction of wrought iron roofs differestiurces have quoted different design
loads. For example, for the construction of theniroofs of the workshops and ship
building slips at the Royal Dockyards in Portsmouttirca 1841) a total weight of 40
Ibs/ft (1.92 kN/nf) was used for design purposes. (Swailes 2005) Memvén the design
of St Pancras station roof an imposed load of Bffbwas used by William Barlow, in
addition to the self weight of the structure. Wallay, stated that it was sufficient for
design purposes to take a total lateral load oflb&#ft® (2.16 kN/nf) acting on the
projected vertical area of the roof as comprising lbad effect of wind and snow taken

together. (Walmisley 1888).

Given these values, it would seem that an imposad bf 40 Ibs/ft (1.92 kN/nf) acting
both vertically and horizontally, but taken sepalgtwas the typical design load. Given
that the spacing of the roof trusses of Liverpoohé Street Station is 9.75m, an imposed
load of 1.92kN/rfi would mean that the load per metre span would.®2 KN/nf x 9.75m

= 18.7 kN/m. However, a typical modern design inggbsoad for this situation is 10
kN/m, and it is this value that is used in Caséd the analysis discussed in Section 8.5 (f).

A load value of 15kN/m is considered in Case 2¢ @tion 8.5(Q)).

8.5(b) Load casesconsidered in assessment of Liverpool Lime Street Station Roof

In the following assessment procedure various "viiatamage scenarios are considered
in order to identify the criticality and significee of all the truss members. In each case a
member is removed that will result is some reductd the stress safety margin of the

structure.
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In the first two cases considered the truss iscingad in its present condition, and is
subjected to uniform vertical imposed loading (Gageand 2). Thereafter, the truss is
assumed to have suffered some damage as desaritieslfollowing list of case details. In
all cases the self weight of the truss membersichided. Complete removal of a web
member is considered in Cases 6 to 15. Howeverplaaenremoval of any top or bottom
chord member would lead to instant collapse, so 8ignificance is based on their own
stress values, as if part of a statically deterteirstructure, which is described in Section
6.5 (g) (Case 2). But the procedure for determinimggsignificance of the eyebars making
up the bottom chord members follows that for aretadminate structure because loss of an

single eyebar does not necessarily result in ins@lfapse.

Case 1 Intact truss under uniform vertical distglouoading (uvdl) = 10kN/m.
Case 2 Intact truss under uniform vertical distglouoading (uvdl) = 15kN/m.
Case 3 One eyebar in bottom chord member No.43vedne (uvdl) = 15kN/m.
Case 4 One eyebar in bottom chord member No.43vedne (uvdl) = 10kN/m.
Case 5 Two eyebars in bottom chord member No.43vech+ (uvdl) = 10kN/m.
Case 6 Diagonal web member No.6 removed + (uvdBkN/m.

Case 7 Diagonal web member No.7 removed + (uvdBkN/m.

Case 8 Diagonal web member No.8 removed + (uvdjkN/m.

Case 9 Diagonal web member No.9 removed + (uvdjkN/m.

Case 10 Diagonal web member No.10 removed + (av@iBkN/m.

Case 11 Diagonal web member No.11 removed + (av@iBkN/m.

Case 12 Diagonal web member No.12 removed + (av@iBkN/m.

Case 13 Diagonal web member No.14 removed + (av@iBkN/m.

Case 14 Diagonal web member No.15 removed + (av@iBkN/m.

Case 15 Diagonal web member No.13 removed + (av@iBkN/m.
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The bottom chord members of Liverpool Lime StregttiSn roof truss are composed of
four eyebars. In order to determine the signifieand one of these eyebars a failure
mechanism of removing one eyebar at a time shoeldblowed. This is the procedure
which is outlined in Figure 8.14 and utilises as@yCases 1, 4 and 5, which are discussed

in Sections 8.5 (f) to (j). This procedure is g@me as the one applied to the chains of

Clifton Suspension Bridge .

1. perform structural analysis
under factored loads

|

2. Calculate load effects
(i.e. stresses)

|

3. Classify structure as statically
determinate or indeterminate

If statically
indeterminate

4. Choose a member to assess
(i.e. chord segment)

|

Is chord segment critical ?

Is chord segment made
from more than one
part ?

5 Remove one eyebar from chord segment
and recalculate stress in remaining chord segment.

]

6. Calculate reduction in initial stress safety margin of
chord segment caused by removal of 1 eyebar using Eq.5.6

|

7. Determine significance of removed eyebar
using Eq.5.12

‘ 8. Calculate significance factor

for removed eyebar using Eq.5.11 11. Repeat steps 5 to 10 to establish criticality
of chord segment.
¢ (i.e. robustness of component)

9. Calculate adjusted design yield strength
of removed eyebar using Eq.5.2

|

10. Calculate usage factor of chord segment by
applying adjusted design yield strength to parts. (see Eq.6.10)

Consider limiting load on structure or no yes Comoponent is
strengthen over stressed members adequate

Figure 8.14 Steps in procedure for assessment of bottom chearlolees of roof truss.

Is usage factor < 1.0 ?
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8.5 (c) Investigation of general behaviour of intact trussunder uniform vertical load.
Case 1: Uniform vertical distributed load (uvdl) = 10kN/m.

The partial safety factor for imposed loading B, 50 the unfactored imposed load is
(10 KN/m)/1.5 = 6.6 kN/m. The self weight is inckdlin all load cases and the partial

safety factor for dead load is 1.05.

From Figure 6.2 it can be seen that the roof cogeattaches to the roof truss at the truss
nodes and at the mid-distances between nodes. theumading may be modelled as a

collection of 23 point loads, as shown in Figur&48.

27.7kN 22.7KN 277KV 27.7kN 5794

Fixed pin Roller

Figure 8.15 Case 1 loading of Liverpool Lime Street Statioofrisuss. Point loads shown are collectively
equivalent to the projection of a uniform load 6kIN/m onto the curved roof surface. Numbers in laltee
the member identification numbers

In the roof truss model shown in Figure 8.15 thed¢bord members are rigidly connected
end-to-end, and thus form a continuous arch, @saractual truss. The web members and
bottom chord members are pin ended, as in thetress. The purpose of this initial
analysis is to determine which members are mositaity loaded. Subsequent analyses
will focus on these members in various damage swEna he objective is to observe how
the stresses of the critical members are affecyedaimage to the truss. Under Case 1, the
deflected shape, bending moment, shear force aral #orce diagrams are given in

Figures 8.16, 8.17, 8.18 and 8.19 respectively.
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Figure 8.16 Exaggerated deflected shape of Liverpool Limeetseation roof truss under uniform vertical
loading. The left end support was modelled as edfigin while the right support as a roller.

Figure 8.17 Bending moment diagram of Liverpool Lime Streatisin roof truss under uniform vertical
loading ( Case 1, see Figure 6.14). Maximum bendingent occurs in the top chord near the supports.

Figure 8.18 Shear force diagram of Liverpool Lime Street statioof truss under uniform vertical loading.
(Case 1) Maximum Shear force occurs in the topathear the supports.

Figure 8.19 Axial force diagram of Liverpool Lime Street statiroof truss under uniform vertical loading.
(Case 1) Positive axial force (i.e. tension) igtel on the upper side of a structural elementevndgative
axial force (i.e. compression) is plotted on thdenside of an element.

Clarification of the nature of the axial force (itension or compression) is given in Figure

8.20 where blue signifies tension and red sign@®pression.
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Figure 8.20 Axial stress in Liverpool Lime Street station ranfss under uniform vertical loading. (Case 1)
All numerical values are the axial stresses measiardl/mnf. (Case 1)

The truss is effectively a Warren truss, but madassume an arched shape. Thus its basic
behaviour is typical of that type of truss, exceait, all of the web members are in tension.
The web members with a downward and inward diraciesume an increasing tensile
load as one moves outward from the middle of thestrwhich is typical of Warren truss
behaviour, but the downward and outward pointiregdnals exhibit a decreasing tensile
force as one moves outward from the middle of thest The compressive force in the
arched upper chord does not vary significantly gltdre arch. But the tensile force in the
bottom chord takes on a significantly greater vatué¢he middle of the truss than at the
truss ends.

8.5 (d) Case 2: Intact trussunder uniform vertical distributed load (uvdl) = 15kN/m.
Imposed vertical design load per unit length ofrspd5 kN/m

The loading consists of 23 point loads, as showfigare 8.21. This loading is used for all

cases except Cases 1, 4 and 5.

a15kN AL6KN ALOKN 416 kN 49 5y

Detail A

Fixed pin Roller

Figure 8.21 Case 2 loading of Liverpool Lime Street stationfrmuss. Point loads shown are collectively
equivalent to the projection of a uniform load 6kIN/m onto the curved roof surface. Numbers in lace
the member identification numbers.
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The procedure outlined in Figure 8.14 for the amsest of the bottom chord components
is demonstrated as follows.

Step 2

Calculate stress in components in the intact twusder the factored loading shown in
Figure 8.21. Member no. 43 has the greatest sivkish is 96N/mm. All segments of the
bottom chord are critical and each is composed @febars. A close-up view of member

no.43 is shown in Figure 8.22.

1270 kKN «——|

:—> 1278 kN

Member No.4.

(b)

Figure 8.22 (a) Elevation and (b) plan view of bottom chore-éyar connection in Liverpool Lime Street
Station roof truss, labelled as Detail A in Fig8t21. Case 2 loading (i.e. 15kN/m). (Walmisley 888

The reduction in the initial stress safety margimmember no.43 after the removal of an

eyebar from this member, is given in Table 8.2

Max stress in Initial stress
member no.43 safety margin
(Sx) (N/mn)
(N/mn?)
Intact chain
(Case 2) 96 55
1% eyebar
removed (case 3) | 128 23

Table 8.2 Reduction in safety margin due to loss of an eyéloan chord member no.43.
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In this case the loss of a single eyebar resultseninitial stress safety margin reducing to
a small value, which means that under a load oNIiskall eyebars in member no. 43 may
be considered critical. Therefore, the assessmietiteomember must proceed as if the
member is part of a statically determinate strigtim other words the procedure given in

Figure 8.14 should be replaced with that givenigufe 8.23.

1. perform structural analysis
under factored loads

|

2. Calculate load effects
(i.e. stresses)

|

3. Classify structure as statically
determinate or indeterminate

If statically
determinate

4'. Determine significance of all
components using Eq.5.9

|

5'.  Calculate significance factor
using Eq.5.11

|

6'. Calculate adjusted design yield strength
of all components using Eq.5.2

|

7'. Calculate usage factor of all components using Eq.6.10
Components are adequate if usage factor is < 1.0

|

Comoponents are
adequate

Are usage factors < 1.0 ?

Consider limiting load on structure or
strengthen over stressed members

Figure 8.23 Steps in procedure for assessment of bottom chelolaes of roof truss.
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The significance values and adjusted design stnerfgr all the bottom chord members of

the truss are given in Table 8.3.

Member Member | Axial Initial significance Full Full Current
type No. stress safety Method Method Method
(Sa) margin design Usage Usage
yield factor factor
N/mm? | N/mn? % strength
(Ra)
N/mm?
Bottom
chord 1 84 67 55.6 136 0.62 0.67
Bottom
chord 2 70 81 46.4 138 0.51 0.56
Bottom
chord 3 95 56 62.9 134 0.71 0.75
Bottom
chord 4 93 58 61.6 134 0.69 0.74
Bottom
chord 5 89 62 58.9 135 0.66 0.71
Bottom
chord 31 89 62 58.9 135 0.66 0.71
Bottom
chord 32 93 58 61.6 134 0.69 0.74
Bottom
chord 33 96 55 63.6 134 0.72 0.76
Bottom
chord 41 70 81 46.4 138 0.51 0.56
Bottom
chord 42 84 67 55.6 136 0.62 0.67
Bottom
chord 43 96 34 63.6 134 0.72 0.76

Table 8.3 Details of bottom chord stresses of Liverpool LiBteset Station roof truss under uvdl = 15kN/m.

In Table 8.2, 'Full Method' denotes full applicatiof the new proposed method and
'‘Current Method' denotes the current assessmeritothegpecified in BD21. Under the
current method there is only one design vyield sfitergiven by (151 N/mAy1.2 = 126
N/mn.

Clearly the proposed method provides a greatergdegield strength when there is
sufficient margin of safety to do so, and therefoie a less conservative, yet safe
refinement of the current assessment method.

8.5(e) Case 4. One eyebar in bottom chord member No0.43 removed + (uvdl) =
10kN/m.

If the load on the truss is 10kN/m and one eyebaeinoved from member No.43 then the

tensile stress increases from 70 N/miior the intact member (Case 1), to a value of

265



94N/mnf (Case 4), which is still significantly less thdretcharacteristic elastic limit of

151N/mnf. Therefore, under this load value a single eyé&baot regarded as critical and

its significance should be calculated by deterngriime change in the safety margin of the

component associated with the loss of this eydbanther words, the procedure outlined

in Figure 8.15 should be followed. The analysisesaonsidered are Cases 1, 4 and 5.

P4

140

Bottom Chord of truss
Cross section before
loss of eye-bar

A = 13440mm

Case 1 and Case

Bottom Chord of truss
Cross section after
loss of eye-bar

A =10080mm

Case 3 and Case

Bottom Chord of truss
Cross section after
loss of two eye-bars

A=6720mm
Case 5

Figure 8.24 Cross section of bottom chord eye-bars in Livetpdme Street Station roof truss for Cases 2,

3,4 and 5.

The reduction in safety margin and increase in iB@@mce

removal of successive eyebars, is summarised ite Bab.

of the eyebars, after the

Member no.

Max stress in

Initial stress

Significance New Design usage
43 remaining | safety margin| of member design safety factor
eyebars (N/mn?) % strength margin U
(Sa) And (Ra) (N/mn)
(N/mn) (a factor ) N/mn?
Intact
member
(case 1) 70 81 30 (0.842) 142 72 0.49
1% eyebar
removed
(case 4) 94 57 62 (0.893) | 134 40 0.7
2" eyebar
removed
(case 5) 140 11 62 (0.893) | 134 0 1.04

Table 8.4 Summary of assessment of member no.43 under ut@kN/m

The values in Table 8.4 were generated as folldws. initial safety margin of the intact

member is 151 N/mm70 N/mnf = 81N/mnf. After the removal of one eyebar the initial
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safety margin reduces to 151 N/mm94 N/mnf = 57N/mnf. Therefore, the reduction in
the initial safety margin associated with the losa single eyebar is 81N/nfm 57N/mnf

= 24N/mnf, and the significance of the eyebar is

S r tion i [
significance of eyebar reduction in safety rpargm of componc;(n&oo
safety margin of intact component

significance ofeyebar=ZM x 100 = 30%
81N/mnt

Comparing cases 3 and 4 one may state that unden@osed load of 10kN/m a single
bottom chord eyebar is not essential for stabdigl each has a significance of 30%, but
under an imposed load of 15kN/m all bottom chordbays are essential for stability and
each has an significance of 64%. (see Table 8&)ase of the way significance has been
defined a component with a significance less tH20%d may be essential for stability. The
decision about whether a component is essentiabbrs based on the existence of a non
zero design safety margin for the remaining comptsence the initial component has
been removed. In these calculations the charatteyigld strength of wrought iron was
used to define significance and to determine theainsafety margin of components.
However, the decision about the criticality of anpmnent should be based on the design
safety margin, which is based on the design stheafjthe component. This is the design
strength after the adjustment for significance gndlity has been made. For example,
using a significance value of 30% for a single eyela proportionab. value for use in
adjusting the design strength is calculated asvi@l The size of the value range is given
by

highesta — lowestr = 0.953 0.794  0.159

30% of 0.15%= 0.0477
= @ value corresponding to 30% sigréfince= 0.794+ 0.047% 0.8

Therefore the design yield strength fois component can be adjusted as foflo\

h(lSl N/mnt 3 _ 151N/mrh (0.953):

14/20N?
1.2a 1.2(0.842)

adjusted design strengt

267



The design safety margin of the intact componeet fhember no. 43) is given by:

Design safety margin of intact membeadjusted design strength - stress in ponent
= 142N/mrh— 70N/mmMm
= 72 N/nfm

Without this adjustment in the design strength, design safety margin of the intact
component would be 126N/nfm 70N/mnf = 56N/mnf. Therefore, the proposed method
provides a greater safety margin than the existisgessment method, in cases where
members are non critical and is particularly evidehen the safety margin is large to

begin with.

The safety margin of the damaged member (i.e. with eyebar missing) is dependent
upon the significance of the remaining eyebarsiridignificance in the damaged member
is greater than in the intact member. In orderaicudate the safety margin of the damaged
member the design strength of the member in itsadgoh state must be calculated and this
is determined from the significance of the remain@yebars. Therefore, the process of
determining the significance of the eyebars mustrdpeated, with the member in its

damaged state as the starting point. In other wadsecond eyebar must be removed to

determine its significance.

8.5 (f) Case 5: Two eyebars in bottom chord member No.43 removed + (uvdl) =
10kN/m.

If the load on the truss is 10kN/m and a secondaye removed from member No.43,
leaving two remaining, then the tensile stresshia tember increases from 94 N/fmm
(Case 4), to a value of 140N/mniCase 5), which is close to the characteristiddyie
strength value of 151N/mmTherefore, the second, third and fourth eyebar st critical
components and their individual significance is slaene, and is equal to the significance

of the member just prior to removal of the secoyebar, and is given by:
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stress in member after removal one oyebar
characteristic yield strength

94N/mnt
151N/mnt

0.623 62.3%

Component significance

Comparing cases 4 and 5 one may state that undiengsed load of 10kN/m a single
bottom chord eyebar in the intact member is noemtsd for stability and each has a
significance of 30%. However, if one eyebar is ldsn the remaining three become

critical and each has a new significance of 62%.

The design yield strength of the damaged memberwWith one eyebar missing) may now
be determined as follows. The size of éhealue range is given by

highesta — lowestr = 0.953 0.794  0.159
62.3% of 0.15% 0.099
= ¢« value corresponding to 62% signdince= 0.794+ 0.09% 0.8

Therefore the design yield strength flois component can be adjusted as fofio

adjusted design strength (151 Nimnt )3 = 151N/mrh (0.953) _

1.2a 1.2(0.893)

134nNF

The design safety margin of the component (with@yebar missing) is given by:

Design safety margin of damaged membadjusted design strength - stress imponen
= 134N/mf- 94N/mim
HDAN/mnt

These calculations show that by losing a singlebayethe design strength of the
component drops from 142N/mirto 134N/mnf, and the design safety margin falls from
72N/mnf to 40N/mnf. By losing a second eyebar the stress in the mer&eomes
140N/mnf, which exceeds the design strength. Thereforelogeof a second eyebar will
place the truss at the point of limit state viaatiand so, the remaining three eyebars are

critical under this load value.
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This example also shows that the design strength @a@mponent and its significance are
dependent upon the loads used in assessment. Gasassment loads will result in a
component registering as more significant withadbesequence that the component will be
given a lower design strength, thereby maintairangafe approach to the assessment of

structures.

8.5 (g) Assessment of web members
An individual web member of the truss is not caticTherefore, the assessment of the web

members should follow the procedure outlined iruFeg3.25.

1. perform structural analysis
under factored loads

|

2. Calculate load effects
(i.e. stresses)

|

3. Classify structure as statically
determinate or indeterminate

If statically
indeterminate

4. Choose a member to assess
(i.e. component X)

$

Is component X critical ?

5 Identify the critical member (C) most influenced
by the loss of component X

$

See remainder of Section 8.5 (g)

Figure 8.25 Initial steps in procedure for assessment of wembers of roof truss.
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Member no.43 is the most highly stressed criticahrher in the bottom chord. Therefore it
is the logical choice on which to base the sigaifice of the web members. If the safety
margin of member no. 43 reduces because a singimial member is removed then the
significance of the removed member is given by:

reduction in safety margin of member 4®.
safety margin of member no. 43 in intatiss

significance of removed member

Removal of each web member was carried out anttuks analysed with just one member

missing. The effect on member no.43 in each caskeawn in Table 8.5

Axial Stress in
Condition of truss. member no. 43
N/mn?
(Intact truss) 121
(member no.6 removed) 121
(member no.7 removed) 121
(member no.8 removed) 121
(member no.9 removed) 121
(member no.10 removed) 121
(member no.11 removed) 121
(member no.12 removed) 121
(member no.14 removed) 121
(member no.15 removed) 123
(member no.13 removed) 123

Table 8.5 Bottom chord axial stresses in Liverpool Lime 8tr8tation roof truss for scenarios in which one
web member is removed. Loading of truss is a u2iDkN/m

It is clear from Table 8.5 that the removal of @mgle web member from the truss has no
effect on the stresses within the bottom chord nesbTherefore, one might at first
conclude that these members have no significarcaher removal does not result in
reduction of the safety margin of the most highhgssed critical members. However, this
does not mean that they are unnecessary membéd. tAe web members in the truss act
as ties within the intact truss, under a uniformdigtributed vertical load of 20kN/m, as
shown in Figure 8.26(a), and thus contribute tofthrection of the truss. Under a lateral
load some of them act as struts, a function forchyhihey have clearly been designed, as
they are broader at their middle than at their eadsas to resist buckling. The magnitude
of the stresses alternate from one web memberetoeit in a manner which is similar to

that of a Warren truss.
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However, the more important effect of the presesfcne web members becomes evident
in the top chord when one of the web members ivexh This is illustrated in Figure
8.26 (b), where web member no.10 has been remoMael.result is that the bending
moment in the top chord, at the connection pointhef missing member, increases by a
factor of 6, and the adjacent web member (i.e. negmb. 9) goes from acting as a tie to a
strut. Thus it is clear that the web members playirmportant role in maintaining
uniformity of bending moment and force within theaict truss, and therefore they have

significance.

(©)

Figure 8.26 Liverpool Lime Street Station roof truss underfamn vertical loading. (a) Intact truss under udl
= 20kN/m, axial stresses in N/mMm(b) Truss with member no.10 removed, under udi0kN/m, axial
stresses in N/mf (c) Truss with member no.10 removed, under udD&N/m, bending moment diagram,
numerical values are the member identification nersb
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Because the effect of losing one web member wagrafisant increase in the bending

moment in the upper chord it is logical that oneg/wécalculating the significance of the

missing web member is to base it on the reductiothé safety margin of the top chord,

rather than on that of the bottom chord. As it mbenpression member, which also carries
a bending moment the buckling criterion given by&® may be used as a way of defining
the significance of the missing member.

Fe MM 10

A\gpc Mb

Eq.8.9 (member buckling resistariexk. source: BS5950)

whereF, = compressive force in member.
A, = cross sectional area of member.

p. = compressavstrength (i.e. buckling stress in compressiceelSlata used).
M, = maximum bending moment about majos akimember (i.e. horizontaix axis).
M, = buckling resistance momefM, = p,Z, orM, = p,S,)

m, = equivalent uniform moment factor fioajor axis flexural buckling.

p, = bending strength (i.e. buckling ssrén bending and based on data for steel)
Z, = elastic section modulus about majis a

S, = plastic section modulus about majxis

If a measure of safety against buckling is defiasd

safety measure = 1- L+m‘—'\/IX Eq.6
Ag pc Ivlb

then the significance of the removed web componeyt be defined as the reduction in

the safety measure of the critical compression naznmbthe top chord. That is,

o reduction in safety measure of critical top chord fbem
significance of web member = — X
initial safety measure of top chord member

100
Eq.6.11

No information about the buckling resistance of wglot iron was available during the

preparation of this project, nor is it know to éxislost historic testing data for wrought
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iron is concerned with its tensile strength. Theref it was necessary to use strut curve

data for steel to estimate the buckling stressrotght iron.

As an example of this assessment of significanese@0 may be considered as it was the
removal of member no.10 that resulted in the gstaterease in the bending moment of

the top chord, which occurred in member no.18. qimntities involved are summarised in

Table 8.6.
Case 2: Intact truss Case 10: Member no.10 removed.

(Member 18) (Member 18)
F. -1699 kN -1684 kN
M,y 60 kNm 359 kNm
Aq 26041mm 26041mm
p. (in plane buckling) 220 N/mm 220 N/mnd
p (out of plane buckling) 193 N/nfm 193 N/mnd
Mg 662 kNm 662 kNm
my 0.85 0.85
Po 215 N/mnt 215 N/mnd
Z 3.08 x 16mn? 3.08 x 16mn?
S 3.65 x 16mn? 3.65 x 16mnt

Table 8.6 Quantities used in assessment of buckling of tapat of Liverpool Lime Street Station roof.

For in-plane buckling of member 18 in the intaass

safety measure = 1- L+_mKNIx
AR M,

_ 1699x 16N ,_0.85(68 1Nmm
| (26041m? )(22N m* ) 662 1TNmm

= 0.63

For in-plane buckling of member 18 in €&a10 in which member no.10 was remo

safety measure = 1 L+ mM,
AP M,

1684x 16N ,_0-85(358 TONmm
| (26041 )(220N mm? ) 662x 16 Nmm

0.25

Therefore, for in-plane buckling of the top chotde reduction in the safety measure

resulting from the removal of web member no.10 i630- 0.25 = 0.38. Thus the
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significance of the removed member with regardgeffect on resisting in-plane buckling
of the top chord is:

0.38

significance of web member 6.63x 100 60%

The purlins of the roof help to restrain out-ofsmabuckling by reducing the effective
length of the top chord member, but the reductiorsafety measure for out-of-plane
buckling should also be calculated and comparett wiat for in-plane buckling. The
larger the value of significance resulting from sidieration of both modes of buckling

should be taken as the correct significance value.

For out-of-plane buckling of member 18 in the intagss

F M
safety measure = 1%—‘? + MMy X}

Agpc Ivlb
140 1699x 16N ,_0-85(68 INmm
| (26041m? )(19B mm? ) 668 1TNmm
= 0.58

For out-of-plane buckling of member 18 in Caserl@hich member no.10 was reveal.

safety measure = 1 L+ meXJ

Agpc Mb
_q 1684x 16N . 0.85(358 FNmm)
| (260410m? )(19N mm? ) 662x 10 Nmm
= 0.20

Therefore, for out-of-plane buckling of the top whahe reduction in the safety measure
resulting from the removal of web member no.10 iS80- 0.20 = 0.38. And the
significance of the removed member with regardtsoeiffect on resisting out-of-plane
buckling of the top chord is:

38

significance of web memberg'58x 100 66%
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The correct significance value of the removed membe6% and is governed by the

increased potential for out-of-plane buckling of tlop chord when web member no.10 is
removed. If desired the significance of the othebwnembers may be calculated, but since
the removal of web member no.10 resulted in thatgst increase in bending moment in

the top chord the significance of the other web ilmers would be less than 66%.

The design strength of member no.10 may now bermdeated as follows. The member is
composed of angle iron and from Table 5.10 the gizbea value range is given by

highesta — lowestr = 0.956 0.79Y 0.159
66% of 0.159= 0.105
= @ value corresponding to 66% sigréiice= 0.797+ 0.105 0.9

Therefore the design strength for thisiponent can be adjusted as follows

200N/mn? (0.956) _

adjusted design yield strengthC:f"—fB = .00t 177 N/mm
1.2a 1.2(0.902)

The design safety margin of this component (i.emimer no.10) is given by:

Design safety margin = adjusted desigength - stress in compone
= 177N/mim  34N/mm
= 148 mnv’

If the adjustment for significance and material lquas not applied then the design yield
strength would be 167N/mfinwhich again shows that the proposed method pesvil

greater component resistance for non critical mesmdée outline of the procedure which
specifically applies to the assessment of the welnbers of the truss is given in Figure

8.27.
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1. perform structural analysis
under factored loads

Consider more extensive group damage events
until resistance of critical element C is exceeded.
¢ This will indicate robustness of structure.

2. Calculate load effects
(i.e. stresses)

]

3. Classify structure as statically
determinate or indeterminate

Component is
inadequate but
non-critical

If statically
. B no
indeterminate
Is usage factor < 1.0 ? Comoponent is
4. Choose a member to assess

adequate
(i.e. component X)

i

Is component X critical ? 10. Calculate usage factor of component X within intact
structure

- - : 9. Calculate adjusted design yield strength
5 Identify the critical member (C) most influenced of component X using Eq.5.2
by the loss of component X

i

6. Calculate reduction in safety measure of component C
caused by removal of component X, using Eq.6.11

8. Calculate significance factor
of component X using Eq.5.11

Is reduction in safety
measure of component C
very small

no 7. Determine the significance of component X by using
the reduction in the safety measure of
component C in Eq. 5.12

Figure 8.27 Outline of procedure for assessment of web menmiifenof truss.
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Chapter 9  Discussion of proposed assessment method

9.1 Introduction

In this report three case studies were used to dstrade how the proposed assessment
method applies to three different structural forimsell Street Bridge consists of a riveted
plate and angle rigid frame, the roof of Liverpaohe Street Station is composed of pin
jointed trusses, and Clifton Suspension Bridge laait using eyebar chains. Many of the
features of these structures would not be usedademm construction, simply because of
better understanding of materials and structurathaeics and more efficient design
practices and construction methods. Therefore, anéhe objectives of the proposed
assessment method is to provide a step by steptipatthvill help the modern engineer in
the assessment of what may be an unfamiliar straidirm, which is built from a material
that may be regarded as archaic. Structures havgeea built from wrought iron for about
100 years and although eyebars were used to constael chains for suspension bridges
in the 20th century the collapse of the Point Rlaa8ridge in 1966 effectively put an end
to their use in new suspension bridges.

Point Pleasant Bridge was built in 1928 and by ithiddle of the 20th century cable
suspension rather than chain suspension had bettemaeorm. The failure of the Point
Pleasant Bridge was due to a corrosion induceduaticrack in the eye of one of the
eyebar chain links. In this bridge each segmenhefchain consisted of just two eyebars,
so there was no redundancy in the chain. In cdant@igton Suspension Bridge has at
minimum 10 eyebars in each segment of a singlenclediwhich there are three. Thus in
the assessment of such a bridge the question of dignificant are the eyebars is
important, particularly since the main feature k¢ pproposed method involves changing
the current formula for the design yield strengthaostructural component. The new
formula for design yield strength given by Eq.%3imply an adjusted form of the existing
one, and its application marks the end point of gheposed assessment method, whose

overall outline is given in Figure 5.8.
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Design yield strength E, ((.:haracterlstlc yield strengt) Eq.5r2feated

1.2a

wherea is the significance factor of the componght, is the quality factor

andF, is the condition factor ¢tie component.

Liverpool Lime Street Station provides another egkaof a structure built in part using
eyebars. Each segment of the bottom chord of itd nusses are composed of four
eyebars. Another similar example is the roof ofcRally Railway Station in Manchester
whose trusses have just two eyebars making upssaghent of the bottom chord.

In the proposed method the significance of a corapbmade up of parts is established
and this knowledge is used to make a safe incremsiee design yield strength of the
component. This concept is not confined to wrougin structures. It could just as easily
be applied to any structural material, but the amits inclusion in the assessment
procedure for wrought iron structures is to provipleater scope for preservation of these
historic works. It other words, including the sificence of components in assessment is a
less conservative approach, although it involvesemark for the assessing engineer. The
main idea at the heart of the proposed methodaisitistead of applying a uniform safety
factor to all components of a wrought iron struetlarger factors of safety are assigned to
more significant components while lower factorssafety are assigned to components of
lower significance. In the design yield strengthmiala the significance of a component is
represented by the factor. Thus each component has a uniguctor that must be
calculated in each case.

In addition to significance, the proposed methosoaincorporates a more informed
understanding of the material by identifying diéat characteristic ductility values for
different component types. In the proposed methadility is used as a measure of quality
and appears in the design yield strength formulahass factor. The quality of the
component is also reflected in the characterisgtdystrength, which is also dependent

upon component type.
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9.2  Comparison of the proposed method with the current method

The assessment of Irwell Street bridge was perfdrosng both the current method and
the proposed method in order to provide a pracggaimple of the usefulness of the new
method. This example was chosen because it isietste that was strengthened in 1926 in
response to failure of some of its components.ohtes point it its history the bridge was

loaded to the point that caused buckling and otressing of some of its members. Given
the modern traffic allowed on the bridge, a reamsesnt seemed to be justified and
provided a good test of the method. The most cergs$ of results using three versions of

assessment method are summarised in Table 9.1.

Member Significance of Full Partial Current
member method method method

% usage usage usage

And factor factor factor

(a factor) U U U

43 bar 0.5 (0.799) 0.16 0.10 0.11
44 bar 0.5 (0.799) 0.22 0.13 0.16
13 angle 1.1 (0.799) 0.14 0.13 0.16
14 angle 1.1 (0.799) 0.15 0.14 0.16
22 bar 1.1 (0.800) 0.06 0.04 0.04
23 bar 9.8 (0.814) 0.33 0.19 0.23
17 angle 2.2 (0.800) 0.16 0.15 0.17
24 bar 3.8 (0.804) 1.20 0.71 0.84
40 bar 12 (0.817) 1.67 0.98 1.15
28 bar 6.6 (0.809) 1.39 0.82 0.97
27 bar 48 (0.875) 151 0.92 1.00

Table 9.1 Results of assessment of Irwell Street Bridge

The 'Partial Method' set of results were obtaingdrdtaining the characteristic yield
strength of 220N/min Eq.5.2, but by also including the proposedndp factors. It can
be seen from the usage factor results under thee@uMethod' that the bridge possesses
members which are in limit state violation. Yet Mhaster City Council has taken no
further action to reduce the stress in those compisn It is clear that a judgment of
acceptability was made regarding this situationabee those members which are over
stressed are of little importance. Thus sensibignering judgment was applied after the
numerical assessment of the bridge. The proposekoahestrives to incorporate sensible
engineering judgement into the workings of the sssent by the inclusion of theandp

factors. When this is done, while still retainitg tvalue of 220N/mfnas the characteristic
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yield strength (i.e. the 'Partial Method"), the dosion is that no components violate the
ultimate limit state. This effectively proves thie judgment of acceptability made by
Manchester City Council was justified. It also dersipates that incorporating significance
into assessment is a less conservative approathltbas greater confidence in deciding

upon the acceptability of old structures.

However, both the 'Partial' method and the 'Curner@thod ignore the findings of this
research, that wrought iron has a lower charadiegild strength that 220N/nfmWhen
the lower values of characteristic yield strength ased the 'Full Method' results show that
some members of the bridge are in violation of tiftenate limit state. The value of
characteristic yield strength in this case was 15iiY. To explain the apparent safety of
the bridge one must apply some practical engingeslvservation, that so long as those
over stressed members of little significance rematact the critical component of the
bridge (i.e. the bottom chord) will carry a stress greater than 40N/nfmand thus the
bridge as a whole is quite safe.

If the bridge is assessed for HB loading then théey result in higher stresses in some

cases.

It would appear that, although the objective of greposed method was to provide a
means of assessment leading to greater acceptabflitvrought iron structures, the
proposed method is even more conservative thanutrent method. This is only because
the newly determined characteristic yield strenigttmuch lower than 220N/mand not
because of the andp factors. In fact thex andf factors work well in allowing a less
conservative, yet safe approach to assessmenthéubwer characteristic yield strength
dominates the final result. Although the proposhdracteristic yield strength values for
wrought iron may indicate that some members of texjsstructures are overstressed

evidence of a widespread problem is lacking.
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9.3  Practicalitiesin implementing the proposed method

The flow chart outlining the steps of the proposeethod given in Figure 5.8 effectively
shows how to apply the method to whatever structsirencountered by the assessing
engineer. The most labour intensive part of thehowtinvolves the investigation of the
significance of the component being assessedcéleulating thex factor). Most structures
are statically indeterminate, so the first decigiormake is whether or not the component
is critical. In other words, will the structure tagse if the component is lost? This is a
relatively easy question to answer. For example,lbttom chord of a truss is a critical
component when taken as a whole, but it may be osetp from non critical parts (for
example, one or more eyebars).

If the component being assessed (i.e. componeld Kdt critical then one must identify
some other member that is critical, which is ma#iuenced by the loss of component X.
A computer model is essential at this stage ofafsessment because it may be found that
the loss of component X has little effect on thgical member. In that case it will be
necessary to remove a group of members sufficienhduce an effect on the critical
member. The significance of each member in thegrmay be determined my removing

one after the other.

With regard to thes factor and the characteristic yield strengthsihot necessary for the
assessing engineer to calculate these, as thases\@n be read directly from the database
formulated during this research. (See Tables 538p Some engineers may prefer to take
samples from the structure for testing of tenditerggth and ductility. It is recommended
that this practice is avoided, simply because iingecessary, as there is sufficient data
available to furnish a good understanding of thehmaical properties of wrought iron.
Also, because of the variability of the quality wfought iron a small set of samples is

unlikely to provide any more reliable informatiobaat the yield stress than the value
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obtained from the database. But if one wishes ke wamples for testing their results
should be added to the database for recalculafitreacharacteristic material values.
Using the results of a small set of samples aloag be unsafe as it may lead to the
conclusion that the structure is stronger thawtisally is.

One exception to the above recommendation regattmgaking of samples for testing is
in the case of rolled iron beams. The databasehisrcomponent type is rather limited
with just 24 test results. Table 5.8 contains ammany of these results, which largely came
form the Royal Albert Hall floor joist, which as stgibed in Chapter 3 was made from a

grade of iron of poor quality.
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Chapter 10 Conclusions

Summary of findings

The principal findings of this research project avenmarised in order of presentation as

follows:

1

Wrought iron was the dominant structural frammgterial in the period 1840 to
1890. It is a hand made metal that has sufficterdtility and tensile strength to
make it suitable for the construction of long spamctures.

The mechanical properties of wrought iron varylely and resent research has
shown that the characteristic yield strength @teliron is 10% lower than the
value of 220N/mrhstated by the UK Highway Standard BD21.

The occasional occurrence of low ductility preles the use of plastic analysis in
assessment of wrought iron structures as it wbaldnsafe.

Brittle failure of a rolled wrought iron beam wabserved under static load and
may have been caused by excessive phosphorusaor Bardening due to cold
rolling. Thus ductile failure cannot be expectedrethough the metal is generally
considered to be a ductile material.

In a small group of tensile tests it was fourat tholt iron had greater ductility than
either angle iron or plate iron. The characteristictility from a set of 6 tests of
each component type was 22% for bolt iron, 15%afagle iron, and 7% for plate
iron. The reason for bolt iron having a highertdilg is because bolts were made
from a more refined grade of iron.

Using Charpy impact test data, it was found tieg tuctile to brittle transition
temperature of wrought iron lies in the range@8@C, whereas that of mild steel,
is typically in the range -30 to 1. Published data on the ductile to brittle
transition temperature of wrought iron indicateattit lies in the range 40 to D

(see Morgan 1996 and Green 1999).
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7 Using the database of tensile test results aevalul0% elongation at failure was
established as an acceptable value of ductilityMi@mught iron and that the quality
of wrought iron should be based on two separatehar@cal properties, namely
ductility and characteristic yield strength.

8 A new assessment method was proposed that inebegoa ‘quality factor' and a
‘component significance factor' into the defimtiof design yield strength. The
‘quality factor' measures the quality of a comparieased on the probability of it
having a ductility greater than 10%.

9 Using the proposed method the newly obtained daxakies of characteristic yield
strength tend to dominate the final design stiengalue of a component.
However, the inclusion of the quality and sigrafice factors offset this effect and
their inclusion was validated by proving that afesyet not overly conservative
design yield strength may be established by agfpdic of the proposed method.

These findings are discussed in more detail asvisll

1. (from Chapter 1)

Wrought iron was the dominant structural matemathe period 1840 to 1890. It replaced

cast iron as a beam material due to the brittleoésast iron and its weakness in tension.

Although cast iron is an excellent vibration dangpmaterial for machine construction,

and is still used as such, its susceptibility tittlerfracture when used as a beam under the

heavy vibration loads that occur in railway bridgesde it unsuitable as a structural
material for the emerging railways of the 1830’sthe early 1840's the development of the
steam hammer and robust rolling mills facilitatache scale production of rolled wrought
iron structural sections, such as I-beams, angle and plate iron. The much greater
toughness, tensile strength and workability of wgtttuiron allowed structures of far
greater span to be built. Beginning in the 1840/eted plate and angle assembly emerged
as the standard form of construction, ranging feample beams to large span trusses, and

arched girders.
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The demand for structures of large span, suchais $tations and ship building sheds,
pushed forward the need for better understandirtgeofnechanical properties of structural
iron. As a consequence of this need the discipliematerials science emerged,
particularly during the 1860's. Universities, Gaveents, and even independent scientists

set up materials testing laboratories.

Riveted plate and angle construction remained agtmcipal construction method even
when steel began to replace wrought iron in the0B38Although steam powered
machinery had increased the rate of production @ught iron, by speeding the rate of
working and rolling the metal, the bottle neck e tsupply process was the puddling
furnace, which was still a small scale craft, iattthe puddling furnace was limited in size.
To meet demand many puddling furnaces had to bsidenby side, each being worked by
hand, by a skilled operator. In addition, the gyabf the wrought iron was in part
dependent upon the skill of the operator. Thetgraaniformity of material properties of
steel over that of wrought iron, and its greateersggth and speed of high volume
production made it more suitable for the greatenaled and high rise construction of the
20th century. Yet many wrought iron structures frtbra Victorian period survive to this
day and are subjected to modern traffic. This meseproject has endeavoured to add to
existing knowledge about wrought iron structuresasoto help in the assessment and

preservation of such historic works.

2. (from Section 2.4)

A review of past and current assessment methodsvfought iron was conducted in
Chapter 2. Under the current assessment methodUKestandard BD 21/01 'The
Assessment of Highway Bridges and Structures',iBpge@ characteristic yield strength
value of 220 N/mrhfor wrought iron. A recent investigation into wght iron strength

reported a characteristic yield strength value@8 IN/mnf for plate iron. In addition, data
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collected as part of the present research projadicates that the characteristic yield
strength of wrought may be even lower than thedaega In general the mechanical

properties of wrought iron vary widely.

3. (from Section 2.4)
As an assessment method plastic analysis is deensade for wrought iron structures due

to the sometimes low ductility of the metal.

4. (from Section 3.7 and 3.12)

The methods and results of the laboratory testingrought iron beams were covered in
Chapter 3. Observations included the brittle failaf a rolled wrought iron floor joist from
the Royal Albert Hall and the ductile failure ofigeted plate and angle floor beam from

Edinburgh GPO.

4. (continued) (from Section 3.7, 3.14 and 1.9)

In wrought iron, sulphur is present as iron sulphiBeS), but it tends to segregate from the
ferrite at the grain boundaries. Because iron sdigphas a low melting point, it causes a
lack of cohesion between the grains when the isomaated to a red-hot temperature
(Johnson 1939). This is the cause of 'red-shortmesgrought iron, the condition where
the metal cracks or crumbles when being hot workethay be possible that the metal
from which the Albert hall joist was made, was skt to some degree. Even thought
red-shortness only becomes apparent when the metatl-hot, lack of cohesion during
rolling may have caused some lack of cohesion kEtwbe grains when the metal was
cold, hence the brittle fracture of the joist.

Of all the possible impurity elements in wroughltnrphosphorus has the most significant
effect on mechanical properties. Elevated phosgh@antent results in the condition

known as 'cold shortness', which is exhibited byigher yield strength and ultimate
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strength, but low ductility and impact resistanterainary temperatures. It is possible that
the Albert Hall joist possessed excessive phosgh@sisome of the tensile tests conducted
on material from the beam had above average yrelduftimate strengths.

Another reason for the brittleness of the Albertl litast may be that it was rolled at too
low a temperature. Cold rolling causes strain hairdgand would make the metal more
brittle.

Tests of the Edinburgh GPO beam indicated thatbiéem with timber attached was
slightly stiffer than that without timber. Howevehe stiffness of the beam with timber
attached was not so much greater as to indicatetleatimber was added to enhance
stiffness or strength. It is believed that the ®@mbvas attached simply as a means of
providing housing for the timber floor joists. Blicky was the ultimate failure mode of

this beam, however the beam yielded within theie@rplane prior to buckling.

5. (from Section 4.2)

The methods and results of mechanical tests onlsanmoem the Edinburgh GPO beam
were described in Chapter 4. These tests revehldblt iron had a noticeably greater
ductility and strength than either plate iron oglenron. Furthermore, angle iron had both
greater strength and ductility than plate iron.desh on the manufacture of bolt and rivet
iron has revealed that wrought iron used for thesmponents went through further
workings and thus was more refined (i.e. in gendha slag inclusions were fewer and

smaller). This would explain the better resultshef bolt iron.

6. (from Section 4.8)

Impact fracture tests were conducted on wrougimt sgamples over a temperature range of
-20°C to 90C. These tests revealed that, unlike steel, wroirght may exhibit brittle
fracture at ordinary environmental temperaturesar@ impact tests are useful in

providing a means of comparing the impact toughrefssvrought iron from various

288



sources. Materials which are normally ductile, sashwrought iron, can exhibit brittle
fracture under suddenly applied loads. For a git@mperature Charpy impact energy
values from various sources provide a scale by hwthe toughness and hence robustness
of a structural component may be judged. Charpyashenergy values vary widely, and
values in the range 20J - 140J at room temperagdypical, and may be regarded as
satisfactory. Due to considerable scatter a distiransition temperature was difficult to
establish, but the tests showed that it lies inrtimge 20 to 8. For comparison modern
mild steel has a transition temperature in the ea3§ to 1PC. This indicates that under
normal environmental temperatures wrought iron nb&y expected to exhibit brittle
fracture. In practice the question of high trawesittemperature for wrought iron may not
be as alarming as might be implied by these resiilis is because in a Charpy test the
metal is loaded much more quickly and severely thaa structure. Thus Charpy results
underestimate the working toughness of structuralight iron. For this reason authorities
in the USA apply a shift of -26C to the transition temperature as an appropriate
adjustment for intermediate rate loading (Spark3420Even with this adjustment wrought
iron may exhibit brittle fracture at room temperaturlhis was observed when the wrought
iron joist from the Albert Hall was tested undeslawly applied load. The case of the
wrought iron from the Albert Hall floor joists isrgably a rather extreme one, as this
material may be regarded as being of poor qualiynppared with the wrought iron from
the beams of Edinburgh GPO. Under static loadingomnibleness was exhibited by the
Edinburgh GPO beam material. Under a slowly applezdi the Edinburgh GPO beams
bent and ultimately twisted exhibiting the ducyilmormally expected of wrought iron,
whereas the Albert Hall beams snapped and crackédesly under static loading. The
two cases illustrate the variability of quality themay be encountered in structural

assessment.
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7. (from Section 5.2)

The variability in the quality of wrought iron idearly demonstrated by tensile test data.
Traditionally the two principal measures of qualdye elastic limit and ductility, as
expresses by the elongation at failure. The probieudging quality is that some iron can
have high strength with poor ductility, or low stgth and high ductility. In order for a
structure to be robust it must have good tensilghaess, which means the iron must have
both good strength and good ductility. Morgan psgabthe value of 10% elongation at
failure as a lower bound for good ductility andstkvould seem quite reasonable. Using
Kirkaldy's data, Morgan showed that, in a singlesiie test, where the ductility was more
than 10%, the measured ultimate strength would gy lie within 10% of the mean
ultimate strength value. This observation was woificmed by the examination of a larger
set of data collected during this research projditimate tensile strength for wrought iron
exhibits considerable scatter about the mean vahaeif one were to consider 10% as a
lower bound for acceptable ductility, in additiom & deviation of 10% below the mean
ultimate strength as a lower bound for acceptaiéngth, then only 65% of iron would be
of acceptable quality. Although it would be conwatito have a single measure of quality
based on both strength and ductility it would semiwre prudent to continue to take
strength and ductility as separate measures oitgaald to judge whether a sample of iron
is good or bad by requiring that both strength dadtility have a certain minimum value.
10% elongation at failure for ductility would seeanreasonable lower bound for this
guantity. With regard to yield strength a lower bduis difficult to specify. It is
recommended that the characteristic yield strergtfitinue to be used for design and
assessment purposes, but that the value of chaséictgield strength be based on a more
detailed examination of a database of test resalsg, that it is dependent upon the
component type. For example, bolt and rivet irorgemerally of the best quality, so it
should have its own characteristic yield streng#fue separate from other component

types, such as plate iron or bar iron. Analysithefdatabase of tensile test results collected
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during this research has revealed that the chaistateyield strength of plate iron, bar

iron, and rivet iron is 187N/mMm151N/mn3, and 207N/mrf respectively.

8. (from Section 5.3)

In section 5.3 a new method was proposed for teesasnent of wrought iron structures
which is based on the significance of a componetitinva structure and upon the quality
of the component. In this method a 'quality factsrt a ‘component significance factor'
were incorporated into the definition of designlgistrength. The 'quality factor' measures
the quality of a component based on the probabdlityt having a ductility greater than

10%.

9. (from Chapters 6, 7 and 8)

A number of examples of the assessment of wrought structures were considered for
special attention in order to demonstrate the wagrkof the proposed method. These
structures included Irwell Street Bridge, Manchestaverpool Lime Street Railway
Station, and Clifton Suspension Bridge. The findirj these case studies are discussed
more fully in Chapter 9 but one of the main findingas that the newly obtained lower
values of characteristic yield strength tend to ohate the final design strength value of a
component. However, the inclusion of the qualitg argnificance factors offset this effect
and their inclusion was validated by proving thaage yet not overly conservative design

yield strength may be established by applicatiothefproposed method.
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